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HIGHWAY GEOLOGY SYMPOSIUM

History, Organization., and Function

Established to foster a better understanding and closer cooperation between
geologists and civil engineers in the highway industry, the Highway Geology
Symposium was organized and held its first meeting on February 16, 1950, in
Richmond, Virginia. Since then, 37 consecutive annual meetings have been held
in 24 different states. Between 1950 and 1962, the meetings were held east of
the Mississippi River, with Virginia, Ohio, West Virginia, Maryland, north
Carolina, Pennsylvania, Georgia, Florida, and Tennessee serving as the host
states.

In 1962, the Symposium moved west for the first time to Phoenix, Arizona.
Since then, it has rotated, for the most part, back and forth from east to west.
Following meetings in Texas and Missouri in 1963 and 1964, the Symposium moved
to Lexington, Kentucky in 1965, Ames, Iowa in 1966, lafayette, Indiana in 1967,
back to West Virginia at Morgantown in 1968, and then to Urbana, Illinois in
1969. Lawrence, Kansas was the site of the 1970 meeting, Norman, Oklahoma in
1971, and 0ld Point Comfort, Virginia the site in 1972.

The Wyoming Highway Department hosted the 1973 meeting in Sheridan. From
there it moved to Raleigh, North Carolina in 1974, back west to Coeur d'Alene,
Idaho in 1975, orlando, Florida in 1976, Rapid City, South Dakota in 1977, and
then back to Maryland in 1978; this time in Annapolis. Portland, Oregon was the
site of the 1979 meeting, Austin, Texas in 1980, and Gatlinburg, Tennessee in
1981. The 1982 meeting was held in Vail, Colorado, and in Stone Mountain,
Georgia in 1983. The 35th meeting in 1984 was held in San Jose, California and
the 36th HGS was in Clarksville, Indiana. This year'’s meeting, the 37th, was
held in Helena, Montana, the capital of the Big Sky Country.

Unlike most groups and organizations that meet on a regular basis, the
Highway Geology Symposium has no central headquarters, no annual dues, and no
formal membership requirements. The governing body of the Symposium is a
steering committee composed of approximately 20 engineering geologists and
geotechnical engineers from state and federal agencies, colleges and
universities, as well as private service companies and consulting firms
throughout the country. Steering committee members are elected for three-year
terms, with their elections and re-elections being determined principally by
their interests and participation in and contributions to the symposium. The
officers include a chairman, vice chairman, secretary, and treasurer, all of whom
are elected for a two-year term. Officers except for the treasurer may only
succeed themselves for one additional term.

A number of three-member standing committees conduct the affairs of the
organization. Some of these committees are: By-Laws, Public Relations, Awards
Selection, and Publications. The lack of rigid requirements, routing, and the
relatively relaxed overall functioning of the organization is what attracts many
of the participants.

‘Meetinig sites are chosen two or four years in advance and are selected by
the Steering Committee following presentations made by representatives of
potential host states. These presentations are usually made at the steering
committee meeting which is held during the Annual Symposium. Upon selection,
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the state representative becomes the state chairman and a member protem of the
Steering Committee. Depending on interest and degree of participation, the
temporary member may gain full membership to the Steering Committee.

The symposia are generally for two and one-half days, with a day-and-a-
half for technical papers and a full-day for the field trip. The symposium
usually begins on Wednesday morning. The field trip is usually Thursday,
followed by the annual banquet that evening. The final technical session
generally ends by noon on Friday.

The field trip is the focus of the meeting. In most cases, the trips cover
approximately from 150 to 200 miles, provide for six to eight scheduled stops,
and require about eight hours. Occasionally cultural stops are scheduled around
geological and geotechnical points of interest. In Wyoming, the group viewed
landslides in the Big horn Mountains; Florida’s trip included a tour of Cape
Canaveral and the NASA space installation; the Idaho and South Dakota trips dealt
principally with mining activities; North Carolina provided stops at a quarry
site, a dam construction site, and a nuclear generating site; in Maryland the
group visited the Chesapeake Bay hydraulic model and the Goddard Space Center;
the Oregon trip included visits to the Columbia River Gorge and Mount Hood; the
Central Mineral Region was visited in Texas; and the Tennessee trip provided
Stops at several repaired landslides in Appalachia. The Colorado field trip
consisted of stops at geological and geotechnical problem areas along Interstate
70 in Vail Pass and Glenwood Canyon, while the Georgia trip in 1983 concentrated
on highway design and construction problems in the Atlanta urban environment.
The 1984 field trip had stops in the San Francisco Bay area which illustrated
the interaction of fault activity, urban landslides, and coastal erosion with
the planning, construction and maintenance of transportation systems. in 1985
the one day trip illustrated new highway construction procedures in the greater
Louisville area. The 1986 field trip was through the Rockies of recent
interstate construction in the Boulder Batholith. The trip highlight was a stop
at the Berkeley Pit in Butte, Montana, an open pit copper mine.

At the technical sessions, case histories and state-of-the-art papers are
most common with highly theoretical papers the exception. The papers presented
at the technical sessions are published in the annual proceedings. Some of these
proceedings are out of print, but copies of most of the last sixteen proceedings
may be obtained from the Treasurer of the Symposium, David Bingham, of the North
Carolina Department of Transportation in Raleigh 27611. Costs generally range
from $5.00 to $15.00, plus postage.
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Highway Geology Symposium

MEDALLION AWARD WINNERS

Hugh Chase 1970
Tom Parrott 1970
Paul Price 1970
K. B. Woods 1971
R. J. Edmonsop 1972
C. S. Mullin 1974
A. C. Dodson 1975
Burrell Whitlow 1978
Bill Sherman 1980
Virgil Burgat 1981
Henry Mathis 1982
David Royster 1982
Terry West 1983
Dave Bingham 1984
Vernon Bump 1986

In 1969, the Symposium instituted an awards program, and with the support of
Mobile Drilling Company of Indianapolis, Indiana designed a plaque to be
presented to individuals who have made significant contributions to the Highway
Geology Symposium over a period of years. The award, a 3.5" medallion mounted
on a walnut shield and appropriately inscribed, is presented during the banquet
at the Annual Symposium.
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A BRIEF OVERVIEW OF THE GEOLOGY OF UTAH
Hellmut H. Doelling
Senior Geologist, Mapping Section
Utah Geological and Mineral Survey

INTRODUCTION:

Utah is a showcase geologic state, one where geologic
phenomena are well displayed. Most transportation routes,
especially in Utah, were developed because of the pristine
geologic or geographic conditions that existed when the land was
explored, settled, and developed. Utah is a state with many
natural barriers to transportation, including mountain ranges,
deeply incised canyons, monoclinal ridges, lengthy cliffs, and
interior drainage mud flats. Utah can naturally be divided into
three physiographic provinces: Basin and Range, Central Rocky
Mountains, and Colorado Plateaus (figure 1). Each of these
physiographic provinces displays a separate style of geology--in
its stratigraphy, sedimentation patterns, and structure types.
The province areas have been present for the last billion years
and the boundaries that divide them have been present the same
length of time. The boundary that divides the Basin and Range
from the other two provinces has been very important throughout
geclogic time and has been called the Wasatch 1line, Wasatch
hinge line, or Basin and Range-Colorado Plateau transition zone,
among others. I don't mean to imply that the Basin and Range has
.always been a Basin and Range physiographic province,; or that
the Central Rocky Mountains have always been high mountain
ranges, or that the Colorado Plateaus were always plateaus. I am
implying that geologic environments and conditions across the
lines were generally different throughout geologic history.

GEOLOGIC HISTORY:

Figure 2 is a generalized geologic map of Utah from Tooker
and Stewart (1969). Starting in 1latest Precambrian time and
continuing throughout the Paleozoic Era (900 to 245 million years
ago), Utah was usually covered by an ocean; the area of the Basin
and Range differed from that of the Central Rockies and Colorado
Plateaus by subsiding and receiving sediments at a much greater
and more continuous rate. In western Utah greater thicknesses of
rocks were deposited than to the east, even though the entire
state received mostly marine sedimentation,. In technical terms
the rocks of the west were deposited in a miogeocline while the
rocks to the east were deposited on a continental shelf. At
times the sea or ocean retreated somewhat and placed the
shoreline very near the present Wasatch hinge 1line. Then
sediments were received only in western Utah and erosion may have
occurred in eastern Utah. The Ordovician and Silurian periods
lasted from 505 to 408 million years ago, and are not represented
by rocks in eastern Utah. Starting 350 million vyears ago
. (Mississippian time) basins began to be formed on both sides of
the Wasatch hinge line, but the basins that developed to the west
received more and thicker layers of sediment than those in the



east. Concurrently high areas developed, usually as submarine
shelves between basins. In Pennsylvanian time mountain ranges,
often called the ancestral Rocky Mountains, projected above sea
level. These mountains were eroded and the sediment was carried
to the basins. In the east these basins were often isolated from
the open ocean and salt and gypsum were deposited in relatively
great thicknesses. The unstable salt masses actually migrated in
the Paradox Basin of eastern Utah to form thick salt anticlines.
As the era of dinosaurs or the Mesozoic Era commenced, about 250
million years ago, the ocean began to retreat to the west and
eastern Utah became a terrestrial landscape. Both the eastern and
western parts of the state were still accumulating sediments and
forming new .rock formations, but those in the eastern part of the
state were deposited above sea 1level as fluvial deposits.
Eventually the ocean even disappeared from western Utah. In the
middle of the Mesozoic Era much of Utah became a desert. However,
two shallow seas successively extended southward from the north;
at least one became restricted and salt and gypsum were deposited
in central Utah. In the last period of the Mesozoic Era, the
western part of Utah rose as a high mountain range as part of a
classic mountain building event or orogeny. Rock layers deposited
in the Paleozoic ocean 25, 50, and even 100 miles to the west
were thrust eastward against the Wasatch Hinge line. The area of
the Central Rockies and Colorado Plateaus remained low and
received the erosional detritus from this mountain range. About
90 million years ago, while the mountains remained high in the
west, another sea invaded Utah, the Mancos Sea, this time from
the east. As the Sevier Orogeny mountain range continued to rise
to the west it shed clastics; dumping coarse materials at the
foot of the range, ever fining eastward, finally dumping gray
muds into the sea. The deposits of this gray muddy sea are now
known as the Mancos Shale. In the lagoons and deltas of the coast
a dense vegetative growth flourished and Utah's coal deposits
were formed and deposited. The Mancos Sea retreated after about
10 million years, but the eastern side of Utah continued to
subside, especially the Uinta Basin, and continued to receive
thick sediments. This receiving of sediments in eastern Utah
continued to about 35 million years ago. Some were deposited by
streams on flood plains and in channels, others in large lakes.
At times large gquantities of organic materials were deposited
that were later transformed into oil shale, gilsonite veins, and
similar deposits. By this time the mountain building to the west
had slowed and erosion lowered the ranges considerably. The
orogenic mountain building activity was replaced by volcanic:
activity. Huge stratovolcanoes rose in several places, spewing
forth tons of volcanic ash, 1lava flows, and other wvolcanic
debris. Some experienced catastrophic explosions which pulverized
their tops and created huge calderas and craters. Some of the
molten rock material did not reach the surface, but invaded the
deep older - rocks. As these deep plutonic and invaded rocks
cooled, hot solutions mineralized them in many places. Precious
and base metal deposits, iron deposits, and other valuable
minerals were emplaced in principally in central and western
Utah. In eastern Utah the volcanic activity was much more



limited, but the famous laccolithic peaks of the La Sal, Henry,
and Abajo Mountains were created. In addition local areas were
uplifted or folded as domes, anticlinal mountains, anticlines and
synclines, and monoclines. Such features as the San Rafael Swell,
Uinta Mountains, and Circle Cliffs Uplift came into being during
this 40 to 20 million year ago interval. After 20 million, and
most importantly after 10 million years, the modern face of Utah
began to emerge. To the west the crust was stretched along a
general east-west axis from deep within the Earth. Long zones of
north-south trending faults developed forming rows of grabens and
horsts. The horsts were attacked by erosion and formed the
north-south trending mountain ranges of the Basin and Range,
whereas the grabens were filled with the erosional detritus and
become the basins of the province. Some of these basins are known
to contain detrital thicknesses of as much as 14,000 feet.
Volcanism continued into this time, but with diminished emphasis.
In the relatively recent past many of the intermontane basins
were inundated by prehistoric Lake Bonneville, the deposits of
which presently veneer the basin surfaces. The eastern boundary
of the Basin and Range Province is marked by the Wasatch fault
zone which is aligned along the Wasatch hinge line. The Wasatch
fault scarps are quite steep and sharp and suggest that movement
continues to the present day. The displacement along this fault
is measured in many thousands of feet. The rocks to the east of
the fault 2zone rose to create the Wasatch Range, which coupled
with the Uinta Mountains, form the Central Rockies Physiographic
Province. Some of north- trending faults, typical of the Basin
and Range developed east of the hinge line, especially in the
south half of the state. The blocks of rocks between these faults
are elevated as horsts to form the High Plateaus of Utah. While
basins and ranges were forming in the west the Colorado Plateaus
area rose and began to be eroded. The Colorado River drainage
system developed and incised deep canyons into its surface. The
courses of the river and its tributaries were influenced by the
hard and soft layers of previously deposited rock and plateaus,
buttes and mesas developed as the erosional style. Monoclines,
anticlines, and synclines formed during the previous interval
created irregularities in the otherwise "layer cake" geology of
the plateau country.

BASIN AND RANGE ROCK TYPES:

The rocks of the ranges of the Basin and Range physiographic
province are dominated by those deposited in the ancient
Paleozoic ocean. These are mostly hard gray limestone or dolomite
with lesser amounts of sandstone, quartzite, and marine shale.
These rocks are mostly well bedded and well indurated. They have
undergone the intense deformation of the Sevier orogeny during
the latter part of the Mesozoic Era, and are faulted, tilted, and
folded, often to a remarkable degree. Volcanic igneous rocks, of
the 40 to 20 million year interval, cover or intrude them in some
mountain ranges. The sediments exposed on the surface of the
basins are mostly Lake Bonneville deposits. They consist of
unconsolidated silts, clays, sands, and gravels derived from the



mountain ranges. In places older partially consolidated materials
appear under the younger, but are similar in composition. They
were deposited in ancestral lakes or by ancestral creeks and
rivers. Locally, interbedded in these older materials, are
volcanic ashes and tuffs, even some lava flows. The Bonneville
sediments of the basins lie nearly flat, in their original angle
of deposition, some of the older underlying deposits have been
tilted and folded. Nevertheless some of the flat-lying very young
Bonneville sediments have been displaced by recent fault
activity. Most ground transportation routes favor the basins
because of their flat nature. Former 1lake basins make the
flattest ground of any. Additionally, Lake Bonneville eroded the
hard well-consolidated bedrock of the ranges to provide road
builders with an abundant supply of good gravel.

COLORADO PLATEAU ROCK TYPES:

The rocks presently exposed in the Colorado Plateaus are
those deposited during the Mesozoic Era or age of dinosaurs.
Those deposited on the shelf by the Paleozoic ocean are mostly
covered, bared only in the deepest canyons. The Mesozoic rocks
were deposited in mudflats, floodplains, stream channels, deltas,
lagoons, shallow muddy seas, and as sand dunes on deserts. They
are much more diverse than those in the mountain ranges of the
basin and range west. Hence the rocks are alternatingly hard and
soft, ideal for eroding into cliffs, mesas and buttes. Rock
types include sandstone--the Colorado Plateaus probably have the
largest accumulations of sandstone formations in the
world--mudstones, claystones, shales, conglomerates, siltstones,
and fresh-water limestones. The Colorado River and its
tributaries are vigorously eroding the territory, doing their
work by incision rather than by sweeping to and fro. Erosional
and weathering debris do not remain long on the plateau surfaces
and are cleaned off regularly by sheetwash and flash floods. Many
surfaces are of bare rock. Ground transportation routes in the
Colorado Plateau are along the strike of soft rock layers whose
upper surfaces weather into thin soils. The hard units erode into
cliffs and other barriers difficult to cross. Even so, the
hardest of the plateau formations have not been through the
intense mountain building activity of the western ranges. Hence
they are generally flat-lying or slightly tilted. Locally, at
monoclines they stand vertical, but these are exceptional
places. These rocks are not as well indurated or cemented and
hand specimens of the cliff-formers can often be abraded or
crushed with the hand. The most popular formation in the Colorado
Plateaus on which to build a road is the Mancos Shale, depcsited
by the muddy Mancos Sea. It erodes into a broad and extensive
valley or lowland with few impediments. Working it is relatively
easy when it is not wet. Even so, its soft nature and clay
content make it difficult to maintain roads built upon it. The
Mancos Shale and the many sandstone units of the Colorado Plateau
are denerally too soft to create good gravel deposits for
construction purposes. Pediments formed at the base of cliffs
often provide good gravels, but there are many places on the



plateaus where they are not present or where they are composed of
weak sandstone. Steep cliffs, coupled with the diversity of rock
types, provide opportunity for the development of a host of
geologic hazards, including toreva block faulting, landslides,
rockfall, and slumping. These are especially prevalent in the
High Plateaus of Utah where the higher altitudes invite heavy
winter snowcover. During snowmelt the surface rocks become
saturated and the hazards become active. The various rock types
of the plateaus alternate in color and make this part of Utah a
great tourist attraction. Deep canyons outlined with color bands,
interesting erosional forms, rock arches and bridges are the
basis for all of Utah's national parks, including Bryce Canyon,
Zion, Capitol Reef, Canyonlands, and Arches. The latter park also
displays some -unusual salt tectonic features.

CENTRAL ROCKY MOUNTAIN ROCK TYPES:

The consolidated rocks of the Central Rocky Mountains are of
all ages, ranging from those formed in Archean times (older than
2.6 billion years) to those formed less than a few thousand years
ago. These are the same rock types as those found in the western
basins and ranges and on the Colorado plateaus. Those of the
Wasatch Range are intensely folded and thrust-faulted reflecting
the Sevier orogenic activity, and cut by north- trending faults
reflecting the Basin and Range activity. The north- trending
faults have positioned the widest valleys which are filled with
fluvial debris--sand, gravel, silt from the surrounding
mountains--in the form of alluvial fans. These valleys and the
larger canyons provide transportation corridors through the
mountains. The Uinta Mountains portion of the Central Rockies is
an east west-anticlinal range. Very old quartzitic rocks make up
most of the core; the inner flanks contain the rocks deposited
in the Paleozoic ocean, the outer flanks expose the Mesozoic
formations with the diverse lithologies. The geologic problems
of the diverse rocks of the plateaus are also present in the
mountains in which they are exposed. Steeply dipping bedded rocks
occasionally slide into the canyons blocking the transportation
routes. The high mountains are covered with heavy snows over the
winter; the moisture weathers the rocks to form thin mountain
soils or colluvium that cling to the mountain surfaces at the
maximum angle of repose. During the annual snowmelt these become
saturated and present debris flow, mudflow, and other hazards.
The very highest of these mountains are covered with glacial
till, its peaks and arete ridges surrounded by cirques and
U-shaped valleys reminiscent of Switzerland. The semi-arid
climate of Utah limits the ability of nature to cover its rocks.
They are therefore displayed as well as can be expected on this
Earth of ours. Utah has representatives of most kinds of rocks,
ages of rocks, environments of rock deposition, landforms, and
structures. Its a good place to study geology, to go sightseeing,
and a challenging place to build roads.
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GEOLOGIC HAZARDS OF UTAH

by
Kimm M. Harty

Utah Geological and Mineral Survey
606 Black Hawk Way
Salt Lake City, Utah 84108

INTRODUCTION

The actions of wind, water, and other earth processes such
as landslides and earthquakes, occurring throughout geologic
time, have shaped Utah's diverse landscape. These natural
processes potentially threaten life and property and may be
termed geologic hazards. Recent geologic events in Utah,
particularly in 1983 and 1984, have provided the state with a
stern reminder of the geologic hazards with which it must co-
exist, and have spurred increased efforts to understand and
mitigate Utah's geologic hazards. Damage from the recent rise of
Great Salt Lake, stream flooding and debris flows along the
Wasatch Front and Plateau, statewide ground-water rises, and the
Thistle landslide have had a major impact on the economy of the
state and lives of its citizens, with the cost of repairs public
estimated at over 500 million dollars. This is small, however,
compared to the cost of damage that could result from a large
magnitude earthquake occurring somewhere along the Wasatch
Front.

The frequency of geologic hazards in Utah (especially debris
flows and stream flooding) has returned to "average" since the
early 1980s, due to a decrease in precipitation. Statewide,
precipitation has been near or below average during the last two
years, and the "wet cycle" which began in 1982 ended in 1986
(Mabey, 1987). However, the October 1987 mud floods following a
wildfire northeast of Orem, and the June 1988 rock slides along
Highway 95 near Blanding, attest to the ongoing nature and
widespread geographic distribution of the State's hazards.

These yearly occurrences are overshadowed by the likelihood that
a large earthquake could occur in Utah at any time. In short,
the geologic hazards affecting Utah, chiefly slope failures,
flooding, earthquakes, shallow ground water, and adverse soil
conditions, remain hazards today, and should concern every
Utahn, and especially those associated with the planning, design,
construction, and maintenance of Utah's highways.

SILOPE FAILURE

Slope failures are most common in areas of high
precipitation, high elevation, steep slopes, and slide-prone
geologic materials. These conditions exist in the Wasatch and
Uinta Mountains in northern Utah and in the high plateaus and



steep canyons of central and southern Utah. Both shallow-seated
landslides such as debris slides and rock falls, and deep-seated
landslides such as rotational slumps, occur in Utah.

Debris slides usually fail along the contact between the
surficial weathered zone (soil, regolith, colluvium) and
underlying bedrock, in response to positive pore-water pressures
created by infiltration of water from precipitation, snowmelt,
underlying bedrock springs, or other sources. Debris slides may
become debris flows or debris floods with the introduction of
additional water,  usually when an advancing slide mass encounters
a flowing stream. The resulting mixture is often fast-moving,
and can present a hazard to people and structures downstrean,
where deposition of debris and flooding occurs. Rock falls
consist of rock fragments that detach from parent bedrock along
joints, bedding planes, or other zones of weakness. They occur
in many areas of Utah that have steep slopes and bedrock
outcrops, and are particularly common in southern Utah, where
resistant but jointed sandstones like the Castlegate, Navajo, and
wingate form near-vertical cliffs (Fig. 1).

Deep-seated landslides generally fail along a contact
between two different bedrock units, or within a particular
slide-prone formation. Slumps form a headscarp and may progress
downslope into a more viscous earth flow, or form a bulge at the
toe. Damage can occur when structures are on or close to a

Figure 1. July 1, 1988 rock fall in Bloody Mary Wash north of
Arches National Park. Boulders of Wingate sandstone damaged
tracks of the Rio Grande Railroad. Photo courtesy of Genevieve
Atwood.



slide. Secondary damage such as flooding can occur when
landslides dam rivers or fail into reserviors. Deep-seated
landslides are often slow-moving, and usually present a greater
hazard to property rather than lives.

In Utah, most geologic units susceptible to landsliding
(rockfalls excluded) consist of or contain abundant clay or
shale. In northern Utah, including the Wasatch and Uinta
Mountains, shale-bearing geologic units involved in landsliding
include the Ankareh Formation, Salt Lake Formation, Wasatch
Formation, Manning Canyon Shale, and Red Pine Shale. In central
Utah, units include the North Horn Formation, Indianola
Formation, and Mancos Shale. In the Wasatch Plateau region of
central Utah, the most hazardous areas for landsliding are those
where high, steep, north-facing slopes are underlain by the North
Horn Formation (Godfrey, 1978). In southern Utah, landslides
occur in the Tropic Shale, Chinle Formation, Carmel Formation,
and Mancos Shale.

Although increasing the water content of geologic units on
steep slopes is a common cause of slope failures, they can also
occur without a significant increase in water content.
Furthermore, landslides are not restricted to high mountains
where precipitation is greatest. Slump-type slope failures
commonly result from removal of support material at the base of
a previously stable slope or at the toe of an existing
landslide. This can occur naturally by streambank erosion, or
as the result of construction activities. Landslides can also be
initiated by earthquake ground shaking. Overwatering of slopes
through lawn and field irrigation or leakage of underground pipes
has contributed to many recent landslides in non-mountainous
areas of Utah such as in Monticello (Case, 1988), St. George
(Christenson, 1987), and Hoytsville (Klauk and Harty, 1988).

FLOODING

Two types of surface flooding occur in Utah: 1) overbank
flooding along stream channels during intense cloudburst storms
(flash flooding), long-duration rainstorms, or spring snowmelt,
and 2) flooding of shorelines or low-lying areas from lake-level
rises or ponding of water. Stream-channel flooding poses the
greatest hazard to lives and property because it can occur
suddenly, with little warning (Fig. 2). Flooding from lake level
rises occurs more slowly, and usually poses little hazard to
lives.

Generally, the most destructive flooding in Utah comes from
short-duration, severe rainstorms of convective origin. These
flash floods occur most often in summer months, between July 1
and September 10 (Marsell, 1967). They occur throughout the
State, but are particularly common in southern Utah, where runoff
from cloudburst storms is funneled through sparsely-vegetated
canyons with great efficiency. From the time of pioneer
settlement in 1847, to 1981, 1425 cloudburst floods have been
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Figure 2. Flooding of the San Pitch River east of Wales in
Sanpete County, 1983.

Figure 3. Flooding of the Jordan River control gate at the
northern end of Utah Lake, 1983.
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reported in Utah (Utah Division of Comprehensive Emergency
Management, 1981). Of these, approximately 20 percent (294) were
in Salt Lake and Utah Counties, which represent only a small
percentage of the State's total area. These counties contain
more than one half of the total State population, and thus
observe and report more flood events than sparsely populated
counties. Precipitation-frequency data for 22 stations
throughout Utah derived by Richardson (1971, reported by Butler
and Marsell, 1972), show that southern Utah is expected to
receive more intense rainfall per unit of time than northern
Utah. Therefore, southern Utah has the greater potential for
flash flooding, but northern Utah has incurred more damage
because of its greater population density (Butler and Marsell,
1972) . -

During the 1982-1986 wet period, Great Salt Lake and Utah
Lake rose to record-high levels, causing hundreds of millions of
dollars in damage to structures, property, and to Utah's econony.
The recent decline in annual precipitation over Great Salt Lake's
watershed, plus the pumping of water from the lake to the Great
Salt Lake Desert beginning in 1986 has greatly reduced the hazard
of flooding around Great Salt Lake. Dredging of the Jordan
River and modification of the outlet structure on Utah Lake has
likewise decreased the flood hazard of that lake (Fig. 3).

Low-lying areas such as the basins in western Utah can also
present a flood hazard to structures, including transportation
and utility lines. Flooding and ponding after rainstorms or
seasonal snowmelt occurs in the Great Salt Lake Desert, and in
the many dry and intermittent lakes located in the lowest areas
of closed basins (Harty and Christenson, 1988).

SHALLOW GROUND WATER

Rises in the ground-water table usually occur in response to
increases in precipitation or irrigation. Statewide, ground-
water levels generally rose during the 1980s, and it is estimated
.that about 15 percent of Utah has ground water within 30 feet of
the surface (Hecker and others, 1988). This caused numerous
surface and subsurface flooding problems throughout the State.
Basement and septic tank flooding occurred in many cities in Salt
Lake County, as well as in Ballard (Uintah County); Moab (Grand
County); Plymouth (Box Elder County); Erda, St. John, and Clover
(Toocele County); and Fountain Green, Mt. Pleasant, and Ephraim
(Sanpete County) (Hecker and others, 1988; Klauk, 1988).

Wetlands and swamp areas north of Sevier Lake expanded and
contributed to flooding of Highway 6/50 (Harty and Christenson,
1988). Rising ground water has caused a number of contamination
problems in the State, including flooding of landfills (Davis and
Salt Lake Counties) and transmission of gasoline from leaky
underground storage tanks into sewer lines and basements (Sugar
House, Moab, Kaysville, and many Wasatch Front communities)
(Hecker and others, 1988). Shallow ground water has not been a
problem only during the recent wet years; irrigation practices
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and overwatering have contributed to a long-term problem in many
areas in the State.

In addition to flooding, shallow ground water can also
negatively impact soils in construction areas. Soils with high
clay or silt contents can become unstable in cut slopes when
construction excavations penetrate the water table. Dewatering
the site and installing subsurface drains is often necessary
before construction can proceed.

EARTHQUAKES

Earthquake activity in Utah is pronounced in the Intermountain
Seismic Belt (ISB), a zone trending generally north-south through
the central part of the State. The ISB represents an area where
the earth's surface is stretching and cracking in response to
active deformations in the North American subplates (Smith and
Sbar, 1974; Arabasz and Smith, 1979). Utah has been fortunate in
historical time to have experienced few destructive earthquakes.
Geologic evidence, however, indicates that large earthquakes have
occurred in the past and will likely occur again in populated
areas of Utah, particularly along the Wasatch Front. In the
last 6000 years, recurrence of large earthquakes along the
Wasatch fault in north—-central Utah has averaged about once

every 350 to 400 years (Schwartz, 1988). Of the geologic hazards
that can affect Utah, none has the potential for creating more
far-reaching, widespread damage than a large, 6.0 to 7.5 °
magnitude earthquake. The hazards associated with a large
earthquake include ground shaking, surface fault rupture, and
secondary effects such as soil liquefaction, slope failure,
seiche generation, tectonic subsidence, and flooding.

Earthquake ground shaking is the most widespread and
potentially damaging of the seismic hazards. The intensity of
ground shaking in a given area depends on the source
characteristics of the earthquake (magnitude, depth to focus),
distance from the epicenter, geologic conditions in the area,
such as subsurface composition and geometry (soil verses
bedrock, geologic structure), and thickness and water content of
unconsolidated deposits. Research indicates that within the
Wasatch Front valleys, which are underlain by unconsolidated
sediments, certain earthquake ground motions may be amplified up
to 10 times that of adjacent bedrock areas (Hays and K;ng, 1982).
This ampllflcatlon of ground motion results in increases in
expected seismic intensity and structural damage (Algermissen and
Steinbrugge, 1984).

Ground shaking is not limited to causing direct damage to
structures; it can also initiate soil liquefaction, which occurs
when seismic shaking causes certain types of soils (sands and
511ty sands) to lose strength and liquefy due to a sudden
increase in pore-water pressure. Soil liquefaction may cause
various types of ground failures, some of which can occur on
slopes as low as 0.5 percent (Youd, 1978). In addition to
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liquefaction, earthquake ground shaking may also initiate more
conventional types of slope failures, such as rock falls, slumps,
earth flows,,and rock and soil avalanches. Keefer (1984)
‘determined minimum Richter magnitudes required to cause various
types of slope failures during an earthquake. They range from a
minimum of 4.0 for rockfalls to 6.5 for soil avalanches. Rock
falls and rock slides were reported after the 1901 Richfield,
1921 Elsinore, 1934 Hansel Valley, and 1962 Cache Valley
earthquakes (Neumann, 1936; Williams and Tapper, 1953; Coffman
and Von Hake, 1981; Keaton, 1986), which had magnitudes between
5.7 and 6.0, : ' . ’ :

Earthquake ground shaking can also generate seiches (waves)
in standing bodies of water such as lakes and reservoirs. Of
particular concern is flooding due to dam failure caused by
overtopping of dams by reservoir seiches. Seiches were reported
along the southern shoreline of Great Salt Lake at Saltair and at
the Lucin cutoff during the magnitude 6 Hansel Valley earthquake
of 1909 (Williams and Tapper, 1953). At that time, Great Salt
Lake was at an elevation of 4202 feet (Woolley, 1924, plate II),
or about six to seven feet lower than at present (approx1mately
4208 feet).

All historical earthquakes in the Great Basin with
magnitudes of 6.3 or larger have been accompanied by surface
faulting (Bucknam and others, 1980). This magnitude is generally
taken as the threshold for earthquakes capable of generating
surface rupture along normal faults in Utah. Future surface
rupture is expected to occur along existing faults that have been
active in Quaternary time (Fig. 4). The hazard from fault
rupture and related deformation is mainly to structures built on
or near the fault, and to lifelines that cross the faults (road,
utility, sewer, water). Flooding can also occur during.
faulting, by diversion of surface waters (streams, lakes,
aqueducts,- and canals) and pipeline rupture.

Surface deformation caused by faulting commonly occurs in
close proximity to faults, but there is evidence that it may
also occur on a larger scale, in the form of regional tilting of
basin floors toward faults along basin margins (tectonic
subsidence). Geologic evidence suggests tectonic subsidence nay
have occurred along the Wasatch fault (Keaton, 1987). Such
differential lowering of the ground surface could produce
widespread flooding by lakes (particularly Great Salt Lake and
Utah Lake), ponding of shallow ground water, and disruption of
facilities such as wastewater treatment plants, sewer systems,
and water distribution systems that rely on gentle slopes to
function properly (Keaton, 1987).

ADVERSE SOIL CONDITIONS
Many areas of Utah are underlain by soils that can cause

damage to building foundations and roads if not identified and
considered in engineering design. Such soils include expansive,
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Figure 4. Fault scarp accompanying the 1983 Borah Peak, Idaho
earthquake, magnitude 7.3.

Figure 5. Expansive soils of the Mancos Shale damaged a hanger
floor at the Moab airport.
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~collapsible, and gypsiferous soils. Foundations can crack or
shift when volumetric changes occur in these soils with changes
in moisture content.

Alternate wetting and drying of soils containing a high
percentage of clays, particularly sodium-rich clays, can cause
the soil to expand and contract, thus damaging structures built
on these soils (Fig. 5). Such expansive soils are usually
derived from shale formations, many of which are also susceptible
to landsliding. Most of these shale formations are found in the
Colorado Plateau region of eastern and southern Utah, and include
the Mancos Shale, Tropic Shale, Chinle Formation, Brushy Basin
Member of the Morrison Formation, and the Green River Formation.
Shale is also present in the mountainous areas of north-central
Utah, where the most troublesome formation is the Manning Canyon
Shale. Approximately 10-15 percent of the State is underlain by
shale that weathers to expansive soils. An unknown, but
probably large part of Utah is subject to expansive soils
derived from weathered volcanic tuffs, predominantly in central
and south-central Utah, and from alluvial clays such as those in
the Great Salt Lake Desert and the central parts of many Basin
and Range valleys. Construction in areas of expansive soils
often cannot be avoided, but the hazard they present can be
mitigated by identification and proper engineering.

Collapsible soils, also known as hydrocompactible soils,
experience a volumetric decrease when wetted. They are found
chiefly in rapidly-deposited, geologically young materials in
moisture-deficient environments, such as alluvial-fan and
debris-flow deposits. These materials contain numerous void
spaces, and percolating water from precipitation, irrigation, or
lawn watering causes strength reduction of the soil resulting in
collapse. Damage to buildings and roads can develop when ground
subsidence from hydrocompaction occurs over a sufficiently large
area. Subsidence may also occur in certain soils that contain
gypsum due to dissolution of that mineral by infiltrating waters
and subsequent collapse of the internal soil structure.

Although it is not known how large an area of Utah is covered by
collapsible soils, the most widespread documented occurrence of
this problem has been along the base of the Hurricane Cliffs in
southern Utah, particularly in Cedar City and Hurricane.
Collapsible soils have also been identified in or near Scipio,
Nephi, Kanab, Vernal, Monroe, Richfield, and in various areas of
Utah County.

OTHER HAZARDS

Several other geologic hazards are present in Utah that are
less widespread and/or less of a threat to life and property.
However, on a site-specific basis, their identification is as
important as the major hazards. These hazards include active
sand dunes, ground subsidence from ground-water withdrawal or
organic soil decomposition, accelerated soil erosion, mine
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collapse, abandoned but open mine shafts, sinkholes, radon, and
snow avalanches.

Active dunes are found chiefly on the wide, flat floors of
western Utah basins, and in some areas of the Colorado Plateau in
southeastern Utah. Shifting dune sand has necessitated
temporary road closings due to poor visibility, and has required
increased road maintenance as sand must be removed to keep roads
open. In addition, dunes stabilized by vegetation can be
reactivated if the vegetation is damaged.

Ground subsidence and ground cracking from ground-water
withdrawal has occurred in the Milford area. North of
Enterprise ‘in the southern part of the Escalante Desert, ground-
water pumping for irrigation has been almost continous since the
1920s, causing decreases in the elevation of the water table by
as much as 70 feet. Ground subsidence in this area has yet to be
documented, but this and other areas of regional ground-water
withdrawal are candidates for a future occurrence of this hazard.

The east shore area of Great Salt Lake contains some of the
largest accumulations of peat in the State. Ground subsidence in
peat bogs can pose a hazard as the organic materials decompose,
release gas, and compress under the weight of overlying
structures. In addition, the methane gas produced is highly
combustible and can concentrate in structures built over these
soils.

Accelerated erosion of soil by wind or a combination of
wind and water and/or poor farming or rangeland practices has
occurred in many areas of the State, including the Blue Creek-
Howell (Box Elder County), Rabbit Gulch (near Duchesne),
Montezuma Creek (San Juan County), and Muddy Creek (near
Orderville) watersheds (R.C. Rasely, U.S. Soil Conservation
Service, personal commun., July, 1988). Soil piping, a form of
subsurface erosion that is most common in fine-grained Holocene
alluvium, has also occurred in many areas of the State. One
notable case was observed on agricultural land near Roosevelt in
November, 1987. The collapse of an underground pipe in fine-
grained alluvium along a stream bank created a 10-20 ft deep
gully 150 ft long and 30 ft wide in a farmer's field (Rasely,
1988). Piping is presently active on the floodplain of
Montezuma Creek in southeastern Utah (Fig. 6), and has locally
undermined gravel roads in the area.

Collapse of underground mine tunnels has caused ground
subsidence in the State, but to date has not caused much damage
to structures or loss of life. By contrast, a number of people
have lost their lives by falling into abandoned mine shafts that
were not properly sealed.

Sinkholes can be life-threatening if they form quickly, but

more often they only damage land and structures. Sinkholes
generally form in limestone and dolomite, in response to
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Figure 6. Soil piping and collapse near Montezuma Creek, San
Juan County.

chemical dissolution of the rock's calcium carbonate by
infiltrating precipitation and subsequent collapse of overburden
material. Sinkhole formation has been reported in northern Utah,
particularly in the Uinta and Wasatch Mountains and in the Bear
River Range. Sinkholes due to dissolution of gypsum have
occurred in agricultural fields in the Uinta Basin near Vernal.

The hazard from radon, a naturally occurring decay product
of radium, in turn a decay product of uranium, has increasingly
become a concern in the United States, including Utah. Although
known to present a radiation hazard upon decay, only recently has
it been shown to occur in buildings in higher than expected
concentrations. Geologic factors affecting radon gas
concentration include rock or soil type, permeability and
porosity of surrounding rock or soil, and water saturation of
soils that overlie the potential radon source. Rock types
considered by the Environmental Protection Agency to potentially
contain high radon concentrations include metamorphic rocks,
granites, and organic-rich black shales. For a radon hazard to
be present, Tanner (1986, in Sprinkle, 1988) cites four
conditions that must be met: 1) radium in the ground, 2) ease of
radon movement in the ground, 3) porous building materials or
openings below grade, and 4) lower atmospheric pressure in the
building. At present, not much is known about the extent of the
radon hazard in Utah. However, radon monitoring is currently
taking place in 750 homes throughout Utah, in areas where
elevated levels of radon are suspected to occur. In addition,
generalized maps identifying rock types in Utah associated with
above average concentrations of uranium and radium, and point
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source areas such as uranium mines, mills, geothermal and thermal
areas, and fault zones have been compiled (Sprinkle, 1987, 1988).

Snow avalanches have caused much damage and many deaths in
Utah, principally in the Wasatch Range of northern Utah.
Volcanos are present in western Utah, from Delta south to St.
George. All are currently inactive or dormant, but some have
been active within the last 1000 years. The greatest hazard from
volcanic eruptions is considered to be from air-born ash
settling in the State from active volcanos west of Utah
(Christenson, 1986).

SUMMARY

Natural geologic processes generally receive little
attention except when they become hazards to life and property.
The major geologic hazards affecting Utah include slope failures,
flooding, shallow ground water, earthquakes, and adverse soil
conditions. Slope failures have caused much damage in recent
times, as evidenced by the Thistle landslide of 1983. Many
populated areas at the base of the Wasatch Mountains and Wasatch
Plateau have suffered damage from debris flows and flash floods.
Throughout the State, shallow ground water has caused flooding of
basements and septic tanks, and has aided subsurface migration of
pollutants. Likewise, problem soils exist in many areas, and
require specialized engineering designs and techniques to be
mitigated properly. Utah has yet to experience a large,
destructive earthquake in a populated area in historical time,
but the potential is great for widespread damage should one
occur. The frequency of occurrence of some of these hazards,
such as slope failures and flooding, was greatly increased during
the wet cycle of 1982-1986, but has since returned to a more
"average" rate. These and the other geologic hazards will
continue to occur, and should remain a concern to every
community in Utah.
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ABSTRACT

Oahu is the most populous island in the State of Hawaii. Since the trans-
portation needs of QOahu are increasing, improved and new facilities are
required to accommodate physical, economic and social growth. The State of
Hawaii Department of Transportation has accordingly been developing the
highways to meet the island's travel demand projections.

The H-3 Project is planning, design, and construction of a 10-mile-long new
highway that traverses the Koolau mountain range. The need for additional
Trans-Koolau transportation capacity is based on travel demand projections
matched against the capacity of the only two other existing Trans-Koolau
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facilities, namely, the Likelike and Pali Highways. The proposed alignment
of H-3 traverses North Halawa Valley on one side of the Koolaus and Haiku
Valley on the other side.

The project includes a tunnel through the Koolau mountain range. The por-
tals are referred to as the Halawa Portals and Haiku Portals, the former
closest to Honolulu. The l-mile-long twin-bore Trans-Koolau Tunnels will
have two lanes in each direction. The total roadway width in each bore
will be 38 feet. Other structures along the alignment include a short cut-
and-cover tunnel at Hospital Rock, 2 miles of long-span segmental viaduct,
and many approach cuts and fills.

The voicanic rock and soils along the alignment present a variety of foun-
dation and excavation problems. The Hawaiian islands were formed from vol-
canic materials deposited generally in fairly thin basaltic layers. The
stratified deposits weather at different rates. Volcanic materials gener-
ally weather to "MH" soils.

Relatively heavy rainfall supplies the groundwater which gets trapped in
compartments formed by dikes within the Koolau mountain range. This source
of water is used to meet part of the water supply needs of the island. The
project must not adversely affect this valuable water resource. In general

this means the tunnel has been sited above ground water levels within the
mountain. '

With a focus on the tunnel, the paper overviews the challenges of exploring
the undeveloped prqject alignment, subsurface conditions encountered, and

geologic impacts on the design and construction of proposed highway struc-
tures.
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PROJECT DESCRIPTION

The H-3 Project is a new highway that traverses the Koolau mountain range
to provide a new route from leeward (south) Oahu to windward (northwest)
Oahu (Figure 1). Additional Trans-Koolau transportation capacity is needed
because travel demand projections exceed the capacity of the only two other
existing Trans-Koolau facilities, namely, the Likelike and Pali Highways.
The proposed alignment of H-3 traverses North Halawa Valley on the leeward
side of the Koolau Range and Haiku Valley on the windward side.

This four-lane interstaté facility will have two lanes in each direction.
The alignment starts at Halawa Interchange, traverses through North Halawa
Valley at grade, passes on to long-span segmental viaducts in rugged areas
near the tunnel and finally enters the Trans-Koolau tunnels. Exiting the
tunnels in the head of Haiku Valley (west side), the facility runs easterly
on a viaduct structure. A short cut-and-cover tunnel is called Hospital
Rock. From there it continues at-grade to an interchange with Likelike
Highway, skirts the boundary of Ho'omaluhia Park then proceeds on to the
existing Halekou Interchange. -

The typical roadway cross-section consists of two 12-foot lanes with a
10-foot right shoulder and a 4-foot left shoulder for a total width of
38 feet. The cross-section remains constant for the roadway, viaduct
structures, and tunnels.

The total Tength of this segment of H-3 is approximately 10 miles, and the
latest construction cost estimate for contract items is about $750 million,
The current status of design and construction are discussed in the
following paragraphs.
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Current Status of Construction

Construction of H-3 began with the Halekou Interchange last year (June,
1987) after 1ifting of a court injunction that had been long delaying work.
Since then, construction of access roads to each side (or portal) of the
Trans-Koolau tunnel has begun. The present construction status is as
follows:

North Ha1awa Valley Access Road. Construction is underway on an access

road up North Halawa Valley. Construction of the road started November 2,
1987. The trailblazer road has reached the portals of the Trans-Koolau
Tunnel at the head of North Halawa Valley. The completed access road will
be approximately 5 miles in length with 16 foot-wide paved surface (some
24-foot width for passing) and bridge crossings. The purpose of the road
is to afford access into the densely vegetated valley for topographic sur-
veys, geologic exploration, and construction of H-3. The road later will
permit construction access to the viaduct foundations and Halawa portal of
the Trans-Koolau tunnel. Completion date for the access road is expected
to be January of 1989.

Halekou Interchange. Construction of the interchange started on June 16,
1987, after 1lifting of the injunction. In December, 1987, the section of
H-3 from the Halekou Interchange to the Kaneohe Marine Corps Air Station
(built over 10 years ago but not used) was opened to public traffic. Com-
pletion date for the Halekou Interchange is expected to be November, 1988.

Hajku Access Road. Construction bids for this project were opened on June
30, 1988. The 16 to 24 foot paved road 2.1 miles in length will be built
for the purpose of providing access for the construction of the Hospital
Rock cut-and-cover tunnel, the Windward Viaduct, the Haiku Valley Bridges,
and part of the Trans-Koolau Tunnels. Construction started in October,
1988.
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Current Status of Design

Several contract segments are currently under design. Highlighted below
are the tunnel portions.

Trans-Koolau Tunnel. The Trans-Koolau Tunnel is a twian9re“Vehicvlat,tun-

nel with excavated dimensions of about 48 feet wide and about 35 feet in
height and is approximately one mile in length. Portal buildings will
house ventilation fans. A separated control center building will also
house emergency equipment. The latest technology will be used in the de-
sign of the tunnel and control equipment. There are expected to be 2 major
tunneling contracts with construction durihg 1990 to 1994.

Trans-Koolau Exploratory Tunnel. The 13-foot exploratory tunnel will be

driven during final design of the Trans-Koolau Tunnels. The exploratory
tunnel will reveal in detail the types of geologic conditions through which
the Trans-Koolau tunnels must be driven, including the extent and charac-
teristics of any soil or soil-like materials, depth of rock weathering,
character and variability of the rock in situ, general groundwater regime,
and amount and location of trapped dike water. This information is vital
in developing a design compatible with anticipated tunneling conditions.
It will provide key information for preparing bids and will provide a basis
for contingency measures for potential construction problems. The project
was advertised for construction bids in September, 1988. Bids were opened
in October, 1988, and construction is expected to begin in January, 1989,
wnen the North Halawa access road is completed.
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GEOLOGIC SETTING
Regional Geology

The earth's surface is understood to be broken into about ten major plates
and several smaller plates, each several miles thick, which are all moving
in various directions relative to one another. The Hawaiian Islands sit
almost in the middle of one of the largest of the plates, the Pacific
plate. A source of heat (hot spot) deep within the earth continually
generates new magma (molten rock), which feeds the Hawaiian volcances. The
hot Spot has remained relatively stationary for many millions of years,
while the Pacific plate slowly moved over it, toward the northwest, thus
producing the linear chain of volcanoes that created the islands. Thus the
islands to the northwest are older than those to the southeast.

As rock erupted from the interior of the earth and hardened, it gradually
piled up, layer upon layer, to build the great mountain range that consti-
tutes the Hawaiian Islands. Each island is the top of an enormous volcanic
mountain, modified by stream and wave erosion. On the older islands,
streams have cut deep canyons and waves have removed a large proportion of
the original volcanoes. In comparatively recent times, a brief revival of
volcanic activity occurred on the more northerly of the major islands,
including Qahu.

Physiography
The island of Qahu has four major geomorphic provinces (Figure 2): the
Koolau Range, the Waianae Range, the Schofield Plateau, and the Coastal

Plains (Macdonald, et al., 1983). The Trans-Koolau Tunnels will be con-
structed in the Koolau Range.

30



XAMUXY POINT

10 mates o \SANUKY

: ™ Y
) 10 Ritameters

wAINEA BAYS

TRANS-KOOLAU
TUNNEL

Qllllll 1
ARAQNIRAISG |
N

FIGURE 2. GEOMORPHIC PROVINCES, ISLAND OF OAHU, HAWAII

31




Lee Abramson
Page 7

The Koolau Range forms the eastern part of the island. Puu Konahuanui, the
highest point, is at an elevation of 3,105 feet. The range is 37 miles
long and is deeply eroded by streams, and in places it has high sea cliffs
along the sea shore. It consists predominantly of thin, narrow basaltic
lava flows, piled one upon the other 1ike shingles, with minor amounts of
volcanic ash and numerous dikes.

The Pali (or great cliff) on the windward side of Qahu, with its nearly
vertical, fluted wall, is 22 miles long and 2,000 feet high. Its origin is
complex, but its present form is due chiefly to stream erosion and sub-
sequent filling of the valley floors by stream deposition while the head-
lands were battered back by the sea. Great amphitheater-headed valleys cut
their way to the top of the Koolau Range and beyond in places, so that some
of the leeward valleys are beheaded. The Haiku portals are approached
through one of these amphitheaterqheaded valleys called the Haiku Valley.

Types Of Lava

Most lava flows in Hawaii can be classified geologically efther as
"pahoehoe" (pah-hoay-hoay) or "aa" (ah-ah). According to Cas and Wright
(1987), "Pahoehoe is generally a very fluid and fast flowing lava.
Generally small, highly mobile flows advance as a coherent unit with a
smooth rolling motion. Larger, less mobile flows advance by protrusion of
bulbous 'toes' of lava...Aa Flows...advance much more slowly. The jagged
flow-front creeps forward and steepens until a section becomes unstable and
breaks off..,Interna]Ty, pahoehoe lavas are characterized by large numbers
of smooth, regular spheroidal vesicles. Many flows contain more than 20%
vesicles, though it is not uncommon to find parts of flows with 50%
vesicles...Internally, aa lava s characterized by irregular elongate
vesicles that are drawn out 1in response to internal flow and a
stratification consisting of a solid massive lava body sandwiched between
layers of fragmented clinker that may be welded together..."
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Geologic Structure

Lava flows are usually broken by cracks or joints. In most Hawaiian lava
flows the joints formed normal (perpendicular) to the surface by cooling.
The joints are typically irregular and are broken by joints resulting from
contraction in other directions, and from continued movement of the flow as
it consolidated. They therefore produce little or no columnar appearance
that is typical in other basalts. The lava is simply broken into many
irregular joints or rectangular blocks. The complex of irregular joints is
important in governing the way in which the rock breaks during excavation,
and in allowing the passage of groundwater through the rock.

Vesicles, lava tubes, intrusive dikes, and rock weathering are integral
parts of the geologic structure of lava flows. More information on these
subjects is given in the next chapter.

GEOLOGIC FEATURES OF ENGINEERING SIGNIFICANCE

Geologic features of significance at the tunnel site include displaced or
transported soils, residual soils (soils derived from in-place weathering
of the parent bedrock), weathered rock, and unweathered rock. In this
chapter these features are presented in the following manner. First, the
transported soil deposits which will affect a limited amount of the
construction are discussed. Second, site specific data are given on the
Koolau series basalt flows. Third, the very 1important effects of
weathering are described. Finally, groundwater conditions are described.

Transported Soil Deposits

A1l of the contracts have been or will be constructed partly within or
adjacent to transported soil deposits. Soils displaced and deposited by
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streams are called alluvial deposits or alluvium. Soils displaced by
gravity on relatively steep slopes are called colluvial deposits or col-
Tuvium.

Alluvium. Alluvium is generally associated with the streams that traverse
the North Halawa and Haiku Valleys. The stream deposits vary greatly from
fine grained to coarse-grained soils, including boulders. In places, the
alluvium may be underlain or overlain by colluvium. In all cases, alluvium
is derived from the Koolau Series basalt flows, which are discussed later.

Colluvium. Colluvium consists of transported soils that have been
displaced by gravity from their original locations on relatively steep
slopes. These soils resemble residual soils but are generally less dense,
more moist, and weaker. Grain size distribution and Atterberg limits vary,
but the colluvium is generally classified as a highly plastic silt (MH
soil). Significant amounts of clay, sand, gravel, cobbles, bbu]ders, and
weathered rock pieces may also be present. Colluvium deposits are also
derived from the Koolau Series basalt flows as described below.

Koolau Series Basalt Flows

The Koolau Series are the oldest lava flows within the Koolau Range. A
description of the Koolau flows and rock characteristics, excerpted from
Wentworth (1951), emphasizes many of the attributes of these basaltic
lavas:

"The Koolau formation consists almost wholly of basaltic lava flows
erupted from numerous vents along a fissure line over 30 miles long.
The flows average 10 feet or less in thickness, and the entire mass,
from the deepest exposures some 2,000 feet below the dome surface to
its top, shows exceptional uniformity...
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"Both pahoehoe and aa lava flows are common in the Koolau dome, with a
preponderance of the aa flows in the better-exposed lower flanks of
the mass... It is important to emphasize that the aa flows include
both the clinker phase with which most people are familiar and also
the dense interior which is a component part of all aa flows... The
lava formations are marked by various features typical of basaltic
flows (Wentworth and MacDonald, 1953). There is a close-spaced joint-
ing such that even in the thicker aa masses or in the pahoehoe it is
impossible to produce any considérable fraction of 1l- or 2-ton rocks.
Regular polygonal or columnar jointing is, however, very rarely seen,
‘and then only in an occasional thick flow."

"...The contact of lava flows, one on another, 1is marked by great
irregularity occasioned by the broken character of the pre-existing
surface and by the chilling and increase in viscosity of the advancing
Tava. Only between the successive thin units of pahoehoe flows is
there any approximation to intimate molding of one flow on another so
as to make what could be called a sealed joint."

"Elsewhere, and generally throughout the mass, the contacts show
numerous openings, loose blocks, and abundant bridging, which contrib-
ute to the high permeability of the lava formation."

The features of major engineering significance within the Koolau Basalt are
the pahoehoe flows, the aa flows, clinker, ash, cinder, scoriaceous rock,
dikes, and Tlava tubes. These are each discussed separately below.
However, it is essential to recognize that these features naturally occur
in variable and irreqular distributions.

Pahoehoe. Pahoehoe is a vesicular basaltic. The vesicles generally are

rounded with smooth interiors. The vertical thicknesses of individual
flows generally vary between about 10 and 70 feet with an average of about

35



Lee Abramson
Page 11

30 feet. Zones of pahoehoe encountered by recent project borings are
generally described as moderately weathered to unweathered, low hardness to
very hard, and intensely to widely fractured with RQD* values typically
between 50 and 100 percent. These descriptive terms are defined in Table
1.

Aa. Aa is basaltic, vesicular Tlava typified by a rough, jagged, clinkery
surface. The vesicles often are abundant and elongate and .the vesicle
walls appear irregular and rough. The vertical thicknesses of individual
flows generally vary between about 1/2 and 40 feet with 'a predominance of
values between about 1 and 5 feet and an average of about 6 feet., Zones of
aa encountered by recent project borings are generally described as highly
to slightly weathered, low hardness, and intensely to closely fractured
with RQD* values typically between 40 and 80 percent.

Clinker. Clinker is formed by a cooling crust of slow moving aa lava flow.
As the flow is pushed forward, the crust breaks and rolls over the front of
the flow. This crust is then incorporated into the base of the flow as a
clinker layer. The result is a discontinuous layer on the top and bottom
of flows that is composed of blocky loose and partially welded lava frag-
ments. Material size ranges from coarse sand to large gravel.
Fragmentation of clinker observed in drill cores sometimes results, in
part, from coring operations.

Clinker often weathers preferentially because of its large surface area and
great permeabiiity of the clinker Tayers. Clinker may contain clay mate-
rials and weathered basalt. This phenomenon is often enhanced below the
water table or at elevations influenced by fluctuating water table levels.

Clinker zones were encountered in the H-3 project borings. The vertical

thicknesses vary between about 1/2 and 20 feet with a predominance of
values between about 1/2 and 4 feet and an average of about 3 1/2 feet.
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Clinker zones encountered in recent project borings were generally
described as extremely to highly weathered, soft to 1low hardness, and
crushed to intensely fractured with RQD* values typically between 0 and 50
percent.

Ash, Cinder and Scoriaceous Rock. Ash characteristically consists of inor-

ganic, uncemented, pyroclastic material consisting of gravel size fragments
or smaller. The ash soils generally are encountered near ground surface
and have relatively low strengths and high plasticity. Thicknesses vary
between about 5 and 15 feet.

Cinder consists generally of partly cemented, glassy, vesicular volcanic
ejecta, also gravel size or smaller. Cinder and weathered cinder soils are
relatively strong and stable. However, when disturbed their inherent
cementation may be lost causing a reduction in strength.

Scoriaceous rock consists of pyroclastic, volcanic slag ejecta
characterized by dark color, high vesicularity, and both glassy and crys-
talline textures. In borings these materials are generally encountered in
a highly or extremely weathered state to the extent that often they can not
be differentiated from clinker,

Lava Tubes. The feeding rivers of pahoehoe flows quickly crust over and
develop more or less continuous roofs. Thenceforth the lava stream flows
within a tunnel of its own making. If the tunnel crust or wall is
breached, lava runs out leaving an empty tunnel. This tunnel is known as a
Tava tube. Wentworth (1951) points out that, "Lava tubes are commonly
encountered in any extensive tunnel through the Koolau mass and are exposed
in outcropping cliffs. Most commonly these are 1 or 2 feet in diameter,
but a number are known that are 20 feet or more wide and generally somewhat
less in height..."

37



Lee Abramson

Page 13
TABLE 1
DEFINITIONS OF TERMS USED TO DESCRIBE ROCK
H-3 TRANS-KOOLAU EXPLORATORY TUNNEL
WEATHERING:

Degree of weathering as defined here is physical disintegration due to

chemical alteration of the minerals in the rock. Terms and abbreviations
used to describe weathering are:

EW Extremely Weathered - The original minerals of the rock have been
almost entirely altered to secondary minerals, even though the
original fabric may be intact (Saprolite)

HW Highly Weathered - The rock is weakened to such an extent that a 2-
inch diameter core can be broken readily by hand across the rock
fabric (Saprolite) )

MW  Moderately Weathered - Rock is discolored and noticeably weakened, but
a 2-inch diameter core cannot usually be broken by hand across the
rock fabric.

SW Slightly Weathered - Rock is slightly discolored, but not noticeably
lower in strength than fresh rock.

UN  Unweathered (fresh rock) - Rock shows no discoloration, loss of
strength, or any other effect of weathering.

HARDNESS:

Soft - Reserved for plastic material alone, 7
Friable - Easily crumbled, pulverized or reduced to powder by hand.

LH Low Hardness - Can be gouged deeply or carved with a pocket knife.

MH  Moderately Hard - Can be readily scratched by a knife blade; scratch
leaves heavy trace of dust and scratch is readily visible after the
powder has been blown away.

H Hard - Can be scratched with difficulty; scratch produces little
powder and is often faintly visible,

VH  Very Hard - Cannot be scratched with pocket knife.
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TABLE 1
DEFINITIONS (continued)

FRACTURE SPACING:

The general fracture spacing is noted according to the following criteria:

c Crushed - 5 microns (mechanical clay) to 0.1 foot.
IF  Intensely Fractured - 0.05 to 0.1 foot (contains no clay).
CF  Closely Fractured - 0.1 to 0.5 feet

MF  Moderately Fractured - 0.5 to 1.0 feet

WF  Widely Fractured - 1.0 to 3.0 feet

VF  Very Widely Fractured - +3 feet.

RQD (ROCK QUALITY DESIGNATION):

The percentage of each coring interval that is sound, competent (UW and SW)
lengths of core more than 10 cm (4 inches) long, as measured along the
centerline of the core. This is the strict definition of RQD.

A variation is RQD* (DEERE AND DEERE, 1988). .This 1is same as RQD except
moderately weathered (MW) rock pieces are also counted. Implicit to the
definition of RQD or RQD*, a value of zero (0%) means that the core run
either did not meet the criteria above or was too weathered (EW or HW) to
calculate a value.
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Intrusive Dikes. The Koolau Range is an erosional remnant of the Koolau

volcanic dome, which extended along a rift zone 30 miles long (Hirashima,
1971). The rift zone is marked by closely spaced multiple dikes, termed a
dike complex. The marginal dike zone differs from the rift zone in that
the dikes are widely spaced.- Dikes in the marginal dike zone are spaced
tens or hundreds of feet apart; in the rift zone they are spaced inches or
a few feet apart.

The vertical basalt dikes are parallel or nearly parallel to the rift zone
and are less permeable than the rocks they intrude. Hence, each pair of
parallel dikes form two walls of an elongated groundwater reservoir. For
more detailed discussions on the rift and marginal dike zones of the Koolau
Range, see the report of Takasaki, Hirashima, and Lubke (1969).

The thickest dikes are in the northwestern rift zone where the H-3 explora-
tory tunnel and main tunnel will be constructed. Most of the dikes strike
northwest and are believed to be between 3 and 7 feet in thickness, but
dikes thicker than 10 feet may exist in the project area.

Persistent trade winds, which blow from the northeast across the Hawaiian
Islands, bring large quantities of moist air to the Koolau Range. When
these winds are deflected up and over the range, the moisture in the air
condenses and falls as rain. The rain that infiltrates the porous ground
percolates through the 1lava to dike-water reservoirs. Where dike
reservoirs have been breached by stream erosion, ground water escapes into
Streams.

Bedrock Weathering Characteristics

Residual Soil. On the leeward side of the Koolau Range, the slopes are

gentler than on the windward side and very deep weathering has occurred.
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The rocks have been subjected'to such extensive chemical weathering that
they sometimes can be cut readily by hand-excavation tools. Relict joints
of the basalt flows still exist even in areas of extensive weathering. A
general description of these residual materials can be obtained from the
investigations and experience gained from the construction of the Wilson
Tunnel (Peck, 1981).

Residual soil is present throughout the site and is derived from the in
situ decomposition of the parent vesicular basalt bedrock. The major
component of this material is soil-like, although it may contain pieces of
friable, weathered rock. The upper' zone of vresidual material has
decomposed to such an extent that no remnant or relict rock structure is
visible.  Grain size distribution and Atterberg 1limits vary but the
residual materials when disaggregated generally classify as highly plastic
sitts (MH), grading to silty sands (SM). Significant amounts of clay,
gravel, cobbles, and weathered rock pieces may also be present. Residual
soil without relict structure generally behaves from an engineering stand-
point like a plastic silt.

Weathered Rock. Weathered rock is also derived from the in situ decompo-

sition of the parent vesicular basalt bedrock. This material generally
consists of soil, weathered rock, and unweathered rock components in a
heterogeneous matrix with respect to weathering. The material exhibits
wide variations in density, moisture content, and étrength. Usually mucH
of the cohesion of the parent rock is retained, and remnant rock structure
including compositional banding and relict jointing is exhibited. Rock
terminology is wused to describe this material, with the amount of
weathering being an important factor. The weathering categories are given
in Table 1. The term "saprolite" has been used for this project to mean
extremely or highly weathered basalt. Although saprolite is technically
considered severely weathered rock, laboratory soil testing can be used to
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classify disaggregated materials. Grain size distribution and Atterberg
1imits vary but saprolite materials when disaggregated generally classify
as highly plastic silts (MH), grading to silty sands (SM). The results of
grain size distribution or sieve tests are highly dependent on the length
of time the samples are tested. When the sieves are vibrated longer more
disaggregﬁtion takes place and therefore a greater percent of particles in
the clay and silt size result. Atterberg limit test results on sample
fractions passing the #40 sieve are shown in Figure 3 for samples tested
from the Halawa tunnel borings near the portal.

The weathered rock zone, including saprolite, is generally thicker and more
extensive than the residual soil zone. Strength is highly variable and
dependent on the type of basalt (pahoehoe, aa, or clinker) and the degree
of weathering (Figure 4).

Unweathered Rock. Unweathered rock (UW) is unaltered basalt generally with
no discoloration, loss of strength, or any other effect of weathering.
Rock-mass behavior 1is generally governed by the frequency and character-
istics of joints. RQD values for unweathered rock generally range between
70 and 100 percent. The intact rock between joints is generally moderately
hard to very hard (See Table 1 for definitions). Unweathered rock zones
range from relatively massive (with widely spaced, non-persistent jointing)
and well interlocked to relatively loose, non-interlocked, and very blocky.
Welded clinker zones may also occur as unweathered rock zones.

Groundwater Conditions

The permeability of basalts exceeds that of most other rocks. The rela-
tively high permeability is due to the presence of the following features:

0 Interstitial spaces in the clinker
0 Cavities between flows
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0 Cooling or shrinkage cracks
] Lava tubes
0 Gas vesicles
0 Joints produced by tectonic forces after the flows come to rest
0 Tree-mold holes.

Some lava tubes are 20 feet in diameter, and when they occur in the zones
of saturation, they are capable of transmitting large quantities of water.

Five pump-in permeability tests were performed at the North Halawa tunnel
portal using packers to provide in situ permeability data on widely
jointed, unweathered rock and highly weathered, fractured rock. Permea-
bility tests run in a few of the borings yielded permeability values on the
order of 10'3 centimeters per second. Permeability appears to be inversely
proportional to weathering.

Monitoring data from observation wells in the vicinity of the planned
tunhe]s at the Halawa portals indicate groundwater levels between about
elevation 975 and 1030 during the period of March to May, 1988. However,
ground water is highly controlled by geologic structure within the mountain
and little data exists to predict groundwater levels through the Koolau
Range along the tunnel alignment as discussed in the following paragraphs.

The higher portions of the Hawaiian mountain ranges have rainbelts because
they protrude into the tradewinds. Because the basalt is so permeable, the
fresh rain water flows into the island mass and becomes trapped within
vertical compartments bounded by dikes which is shown schematically in
Figure 5. A large area of Qahu holds water trapped by dikes. To recover
this water as part of the commercial and domestic water supplies, several
tunnels have been driven into the region near the Trans-Koolau highway
tunnel site although at lower elevations.
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According to Takasaki and Mink (1985), near the crest of the Koolau Range
the groundwater surface may be as high in elevation as 1000 feet in the
northwest part of the Range and approximately 400 feet in the southeast.
This situation is depicted in Figure 6 upon which is shown the projection
of the Haiku portal of the exploratory tunnel at elevation 820 feet.

Streams And Waterfalls

Two major streams flow through the H-3 site: one along the North Halawa
Valley and one along the Haiku Valley. Several tributary streams cross the
alignment and feed these major streams. The valleys are remnants of dif-
ferential erosion by streams mainly fed by waterfalls at higher elevations.
Several waterfalls can be observed after heavy rainfall on both sides of
the Koolau ridge.

No direct correlation between rainfall and stream flow has been made for
the Halawa portal site. However, stream flow has been observed to increase
markedly after heavy rains and subside to insignificant flows during drier
periods. At best, stream flow quantities are erratic yet somewhat
dependent on rainfall.

SUMMARY OF GEOTECHNICAL CONDITIONS

In summary, there are seven principal geologic units which affect H-3 con-
struction: alluvium, colluvium, ash, cinder, residual soil, weathered
rock, and unweathered rock. The character and behavior of these materials
must be evaluated for each individual site. However, some generalities can
be made based on the limited subsurface exploration and construction that
has taken place to date.
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Alluvium and colluvium deposits are generally acceptable for use in fills
when they are reasonably well graded and compact. However, they are often
poorly graded, highly variable, and not well compacted. In that case, they
may pose problems due to erratic bearing capacity, high compressibility,
lTow cohesion, boulders, and highly permeable zones.

Ash deposits are generally poor materials for any geotechnical purpose
except perhaps landscaping. Depending on the plasticity index of the mate-
rial, removal and replacement is typically the best option for most appli-
cations. Cinder is typically somewhat better than ash but may require
densification and protection from erosion.

Residual 50115 are acceptable for several uses. However, in the presence
of water and heavy construction traffic, the soils can degrade severely to
such an extent that no work can be done until the soil dries out or a
- protective subgrade is pTaced. Therefore, it is important to direct water
away from exposed soil and minimize disturbance by cohstruction equipment.,
The Halawa side of the Trans-Koolau Tunnel and Exploratory Tunnel will be
constructed partially in residual soil. Special precautions and excavation
sequencing will be necessary to seal and reinforce these soils during
tunneling.

Weathered and unweathered rock generally present their own geotechnical
considerations. Compared to transported or residual soils, these materials
typically have high allowable bearing pressures for foundations and end-
bearing piles. Relatively-steep cuts can be made and excavated materials
generally make good fill. Tunnel excavation and support will require
detailed design. Frequent clinker and saprolite zones occur. When these
zones are weak and extensive, proper steps must be taken to mitigate their
effect on ground mass behavior.
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RECENT H-3 CONSTRUCTION EXPERIENCE

Construction has begun on the Halekou Interchange and the North Halawa Ac-
cess. Road. Additionally, the Halawa tunnel portal subsurface exploration
required hand-excavated pads from which some observations were made. This
construction experience is elaborated on below.

North Halawa Access Road. Temporary access roads to both tunnel portals
are required for construction of the tunnels as well as other structures
along the H-3 alignment. A1l construction traffic will be required to use
these roads to the tunnel site. Construction of the 5-mile-long North
Halawa Access Road includes cuts and fills, bridges, pavement, drainage,
and erosion control measures. Grades on the roads are up to about 10 per-

cent, The pavement consists typically of a combination of aggregate
sub-base and asphalt pavement. The roadway width ranges between 16 and
24 feet. ' ‘

Sequencing of the work began with a trailblazer road which was laid out
ahead of the contractor's operations by the engineer and surveyors. The
contractor cleared foot trails and survey sight lines for the establishment
of the trailblazer alignment line and grade. A group of archaeologists
worked in advance of roadway construction to survey and map all archaeo-
logical sites within the path of the trailblazer/access road corridor. In
certain instances; the contractor's operations were temporarily suspended
or re-routed around the sites to provide adequate time for the archaeolo-
gists. The significance and effect of the sites were determined by the
FHWA and concurred by the State Historic Preservation Office. The sites
determined significant (eligible for inclusion in the National Register of
Historic Places), and which required further studies but did not require
preservation, were excavated by the archaeologists in accordance with the
FHWA/SHPO approved data recovery plans. The FHWA and HDOT paid all costs.
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After the trailblazer road was constructed an evaluation in the field was
made as to the best way to construct the full width of the road using a
combination of rapidly constructible lattice bridges (the contractor's
choice), cuts, and fills. Geotextile fabric walls were available in the
contract but none were used in the field. '

The major geotechnical problem encountered in the field was the abundance
of water at the site due to record rainfall. Construction traffic combined
with the wet conditions caused the trailblazer road substrata to soften
making construction increasingly difficult. Slow progress was made during
‘the rainy early part of 1988 because of these conditions. The effect of
construction traffic is highlighted by the contrast between the cuts which
stood well over time, as opposed to the roadway at the bases of the cuts
which required frequent redressing and stabilization.:

North Halawa Valley Tunnel Portal Exploration. Borings near the Halawa .

portal were completed in April, 1988. The need for subsurface geologic
information was greatest at the Halawa portals because of the unknown ex-
tent and variation of residual soil and weathered rock materials at the
site, which are sometimes sojl-like and weak. Information on this condi-
tion was critical for making preliminary design decisions for the highway
tunnel and portal structures, as well as the exploratory tunnel. The North
Halawa Access Road had not yet been completed at that time, and helicopters
had to be used to transport personnel, equipment, and supplies.

Five boreholes were drilled at the Halawa portals, totaling 910 linear

feet. The number of borings for this phase of site exploration were
limited because of the high costs associated with site inaccessibility.
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Other key aspects of this specialized work included: triple-tube type
coring to recover continuous samples of both soil and rock-like materials;
inclined drilling to intercept the tunnel horizon from very few set-up lo-
cations (pads excavated by hand); and drilling with foam to reduce water
requirements and the costly hauling of water by helicopter.

The paths and pad cuts for the drilling sites experienced the same perfor-
mance characteristics as the. North Halawa Valley Trailblazer Road. The
cuts up to 10 to 15 feet high stood well with no reinforcement. However,
the side hill paths softened progressively due to foot traffic and frequent
rain.

CONCLUSIONS

1. The H-3 project will be constructed predominantly with and within
weathered basaltic materials that have been displaced by streams (alluvium)
and gravity (colluvium) or weathered in-place. The basaltic materials in-
clude pahoehoe, aa, clinker, ash, and cinder. Weathering has a significant
effect on strength and plasticity.

2. Most of the soil/rock materials are usable from a geotechnical stand-
point except the ash zones which typically need to be removed and replaced.

3. Variability of grain size and weathering are extremely important
factors that must be considered in the design of foundations, cuts, fills,
and tunnels. Ground behavior is controlled by the particular properties of
the individual flows and other geologic units as well as their arrangement
and combined properties.

4. The most severe construction problem that has been observed to date is
the sensitivity of weathered basaltic soils to working and reworking by
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construction traffic in the presence of water. Adequate drainage and pro-
tection of the soil from direct construction traffic has mitigated these
problems to a large extent.
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Aesthetic and Safety Issues for Highway Rock Slope Design

N.I. Norrish, Golder Associates Inc.

S.M. Lowell, Washington State Department of Transportation
ABSTRACT

During the design phase of most new highway projects, rock slope planning
is not typically carried out at the "state-of-the-art" level of rock
mechanics. This is not a reflection upon the slope designers but more an
admission of constraints inherent to highway slope design. These constraints
often include the inability to fully characterize the geologic regime due to
structural complexity or to insufficient data, an incomplete history of
time-dependent variables such as ground water levels, and difficulty in
determining appropriate design strength parameters for lengthy corridors.

To overcome these investigative and analytical deficiencies, rock slope
designs generally incorporate one or more of:

o careful excavation procedures (e.g. controlled blasting)

o flexibility for design changes and stabilization during construction
(e.g. rock bolting, shotcrete)

o tolerance for minor slope failures (e.g. designed ditch geometry)

In recent years, there has been a movement to provide for aesthetically
pleasing highway designs motivated by the landscape and environmental
professions. This has produced admirable results when applied to structures
such as overpasses and bridges and to soil slopes. But when aesthetic
limitations are applied to rock slope designs, a conflict occurs with many of
the tools which the slope designers rely upon. For example, the dislike by
some of pre-shear blast hole imprints on rock cuts has caused some projects to
modify well-proven, controlled blasting procedures. These procedures have
been developed over many years to minimize damage to the rock which will
ultimately form the permanent slope. Unless costly additional design
precautions are taken in the absence of controlled blasting, the risk of slope
failure and rockfall is increased, maintenance costs are greater and the
safety of highway traffic is compromised.

Given this divergence of opinions how can the common goal of designing a
safe and aesthetically pleasing roadway be accomplished? Firstly, the highway
slope designers and the landscape architects must establish and maintain
dialogue throughout the feasibility and design phases of a project. In some
cases, methods can be developed to satisfy both aesthetic and engineering
requirements, while in others compromise will be required. Secondly,
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significantly increased budgets must be allocated for both the geotechnical
design and construction for most projects that have aesthetic limitationms.

INTRODUCTION

The history of highway rock slope designs which incorporates both
rational rock slope design criteria and controlled blasting is relatively
short; dating back to about 1960. The earliest project with which the authors
were involved was the Skagway-Carcross Highway constructed in 1974 in Alaska.

From such beginnings, a rock slope design and excavation methodology has
developed which attempts to minimize both the rock excavation costs and the
risk of rock failure to the travelling public. Because the methodology cannot
precisely quantify all the variables during the investigation in order to
provide the optimum slope design, a number of design and construction
techniques have been developed which either prevent or minimize the
consequences of rock slope failure.

In recent years, certain rock slope designs are being required to meet
historical standards for safety as well as newly imposed criteria for
aesthetic appeal. In many cases these objectives are mutually exclusive and
if a choice is to be made between aesthetic and safety requirements, then the
question becomes one of compromise.

This paper summarizes the engineering procedures now being used for rock
slope design and the extent, if any, to which these procedures can be modified
to meet aesthetic considerations without compromising the safety of the
highway. The parallel issues of whether the travelling public desires
aesthetically pleasing rock cuts and whether they are willing to pay for them
are not addressed; although the authors’ opinion in this regard is captured in
Figure 1.

CONSEQUENCES OF ROCK SLOPE FAILURE

The motivation for stable highway rock slopes is twofold; safety and
cost. ’

Safety Implications

The safety issue is pointedly illustrated by the following court cases
which show that, in most jurisdictions, highway authorities can be held liable
for both negligent rock slope design and for inadequate rock slope
maintenance.
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State of Washington State Route 14

This accident occurred approximately 30 miles east of Vancouver
Washington in November, 1985. An existing rock slope approximately 60 feet
high failed resulting in a large debris pile that covered both the eastbound
and westbound lanes of the highway and included blocks as large as 15 feet.
Minutes after the failure, an unloaded logging truck travelling eastbound
slammed into the failure mass, destroying the truck and seriously injuring the
driver. Traffic on the highway had to be diverted through Oregon for several
days while state maintenance crews removed rock debris from the roadway, some
of which had to be drilled and blasted. The driver filed a lawsuit against
the Washington State Department of Transportation, but an out of court
settlement was reached in the amount of $175,000.

State of Oregon Interstate 84

This incident took place approximately 53 miles east of Portland on
Interstate 84. During a heavy rain; a rockfall initiated off a natural slope
approximately 100 feet above the top of an existing rock cut. The rockfall
impacted on an intermediate bench on the slope which had filled with debris,
causing a two foot boulder to be kicked out about 40 feet horizontally. The
boulder flew across the 30 foot fallout zone at the toe of the slope and into
the outside travelling lane. The rock went through the roof of the car
fatally injuring two children and seriously injuring a third. The lawsuit
which followed was settled out of court.

Just vs. Her Majesty the Queen

The incident for this case took place in 1981 on the Squamish Highway
north of Vancouver, British Columbia. Traffic was being held up due to snow
clearing efforts following a heavy, wet snowfall. A rock from just beyond the
right-of-way was loosened by the prying action of wind on a large tree. The
rock bounced down the slope and through the roof of a small car waiting in the
traffic delay, fatally injuring one person. The plaintiff held that the
highway department should have removed the rock during the course of scaling
the right-of-way slopes below. Although the initial case was decided in
favour of the highway department, an appeal of the judgement is pending.

As can be seen in the examples, rock slope failures tend to be sudden,
unpredictable events the consequences of which can be tragic and involve high
liability exposure when the travelling public is involved.

Cost Implications
The potential cost impacts for poorly designed rock cuts are twofold;

liability exposure and maintenance. As shown by the case cited above,
settlements for personal injury can reach several hundred thousand dollars.
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An accident with major environmental impacts could potentially cost many
millions of dollars, an event of ever greater probability given the amount of
hazardous material being transported on today’s highways. The second cost
impact is that incurred by the owner on an ongoing basis associated with the
maintenance of the transportation facility. Although these costs are not well
documented, the cumulative monetary impact of rockfall cleanup, selective
stabilization of existing rock slopes and damage to pavement surfaces must be
staggering when related to the initial overall cost per mile of the
transportation facility. It has been stated that the cost to excavate a large
rock slope failure can be ten times that of the original excavation cost
(Piteau and Peckover, 1978). '

UNCERTAINTIES IN ROCK SLOPE INVESTIGATIONS

In comparison to more traditional studies such as open pit slope design,
designers must address three factors unique to highway rock slope
investigations:

o Studies for highways must characterize extensive linear corridors
(one-dimensional areas).

o Near surface rock encountered for typical roadway cut slope heights is
often highly variable due to effects such as stress relief, weathering
ete.

o Highway slopes have an indefinite design life during which even a
small scale failure can be potentially life-threatening.

In the past twenty years, highway designers have adopted and modified
proven rock mechanics practices from other disciplines for application to

highway rock slope investigations. These techniques and their limitations are
briefly summarized below.

Geologic Structure

Perhaps the most important criteria for a rock slope designer is the
relationship between orientation of the natural discontinuities within the
rockmass and the orientation of the proposed rock excavation. Structure
refers to faults, shears, joints, bedding planes, foliation and the like which
are collectively referred to as discontinuities. Geological mapping or core
drilling is essential to characterize rock structure which occurs in sets (a
family of discontinuities each with a similar orientation) as well as that
which occurs as unique features (e.g. faults).
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Mapping

The objective of mapping is to determine the dip and dip direction (or
dip and strike) of a representative number of discontinuities for each rock
cut. The data is usually presented in the form of a stereonet on which
analyses can be performed to determine the kinematic feasibility of failure
(Hoek and Bray, 1977). Other properties of discontinuities which should be
recorded during mapping include length, spacing, surface form, roughness and
infilling materials. -

, For realignment projects in mountainous terrain, it is likely that
suitable rock exposure for mapping will be present along the old alignment.
For new alignments, natural outcrops may be few in number and, due to a number
of factors, of poor quality for mapping. In such cases, statistically
relevent sampling of discontinuity orientations may be difficult and it may be
necessary to resort to core drilling. '

Drilling

Geotechnical drilling for the investigation of highway rock cuts is
typically carried out as shown in Figure 2. Spacing between holes is often in
the range of 300 to 400 feet with hole depths extending 5 to 10 feet below
grade. At critical locations or for deep cuts, those in excess of 50 feet,
two holes may be drilled on a section prependicular to the alignment to
provide a cross-section to aid in stability analyses.

The objectives of the drilling include:
o Sampling for rock quality tests.
o Sampling for strength testing.
o Logging and index testing to determine overall rock mass quality.
o Determination of the rock mass structure at depth.

A discussion of methods to determine rock mass structure through core -
orientation is given by Hoek and Bray (1977). An example of a low cost core
orienting technique is the clay imprint method which utilizes an eccentrically
weighted barrel in an inclined borehole. The orientation is determined at the
beginning of a core run by taking an imprint of the core stub at the bottom of
the hole. The success of the method depends not only on obtaining a good
impression of the hole bottom but also on the ability to piece the core back
together since the reference line canmot be transferred across shear zones or
highly broken zones. The orientation of discontinuities such as joints and
bedding can be determined with moderate success but the orientation of a
unique major feature, such as a fault, cannot usually be determined from core
measurements in a single hole. Even if multiple holes are drilled, solution

of the "three point problem" requires detailed geological evidence that the
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Typical Exploration Plan for Highway Investigations
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three points represent the same feature and that the feature is planar. A
typical success rate for core orientation under optimum conditions is 50 to 70
percent at a cost surcharge over conventional core drilling of 50 percent.

Geotechnical core drilling suffers many limitations including:

o A serious scale problem extrapolating the engineering properties of
core sized samples, obtained from widely spaced boreholes, to the
behavior of the overall rock mass.

o Biased structural sampling in that coring does not recover
representative numbers of those discontinuities which are oriented
sub-parallel to the hole. .

o Lack of data on the length of discontinuities which cannot be -
" determined from core data.

o Difficulty in determihiﬁg the orientation of unique features such as
faults. o

To summarize, the best that can.be hoped for in most evaluations of rock
structure for highway slope design is to get a feeling for "the big picture"”
and to avoid fatal flaws in tlie design. Due to the limitations of structural
mapping and drilling, it is inevitable that some structural unknowns or
structural anomalies will either have to be accommodated in the design or be
rectified during construction.

Groundwater Measurements

The presence of groundwater within the excavation is probably the most
important primary factor in the long term stability of a rock slope.
Groundwater in a rock slope can reduce stability by:

o Reducing the frictional strength component of potential failure
surfaces (see Eqn 1).

o Increasing the forces tending to cause failure when a tension crack
becomes partially or completely filled with water.

o Increasing the rate of slope degradation and erosion.

o Promoting rockfall during periods of freeze-thaw cycles.

For these reasons, the distribution and magnitude of pore pressures in a
rock slope is critical to the stability of that slope. To determine and
predict these pressures in advance of excavation requires knowlege of the

natural pre-existing pore pressures, the overall climatic effects and the
permeability characteristics of the rock mass.
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A typical highway investigation program generally provides that open
standpipes be installed in every second or third borehole along the alignment.
A open standpipe can be a misleading indicator of groundwater conditions in
that it averages all the pressures intersected by the hole and yields little
or no information on whether the hyraulic gradient is upward or downward. In
some instances this can be overcome by installing sealed piezometers,
preferably two or more in close proximity, so that the direction of gradient
can be determined.

The most serious deficiencies in groundwater investigations for roadways
include:

o Lack of data for a sufficient time period to include extreme seasonal
and storm effects.

o Difficuly in estimating the effects of rock permeabilty on the
post-excavation pore pressures.

Typically, these deficiencies are accommodated with conservative
assumptions for worst-case groundwater conditions and with design provisions
for slope drainage.

Shear Strength of Discontinuities

The estimation of shear strength along rock discontinuities is necessary
for the stability analysis of slopes or portions of slopes controlled by
structural features. Shear strength is comprised of two components, the
frictional component and the cohesive component which are related by the
familiar expression:

T=(C-U) tandp+ ¢  crococenrs (1)

where: (typical units)

= shear strength (psf)

= normal stress (psf)

water pressure (psf)

= cohesion (pst)

= angle of internal friction (dimensionless)

e o Q~
[ ]

Many highway slope designs evaluate the shear strength of discontinuities
based on qualitative evaluations of the discontinuities in outcrop and from
rock cores, and therefore the shear strength for practical purposes, is based

on experience and reasonably conservative values obtained from established
design tables.
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When the shear strength of the discontinuity becomes critical to the rock
slope design, laboratory testing can be conducted on the discontinuity or on
it’s infilling. Determination of these shear strength parameters through
laboratory methods requires four important steps:

o Selection and retrieval of an undisturbed and representative sample
containing the discontinuity. This is not a trivial exercise in rock
as the drilling or sampling procedure often destroys the weaker
samples leading to a non-conservative strength bias for the samples
which can actually be tested.

o Testing of the sample(s) utilizing shear box, triaxial or other
equipment as appropriate.

o Interpretation of the results to select design strength parameters for
the field scale feature. The failure surface for the tested sample
may have a size of a few square inches but this must be extrapolated
to a potential slope failure surface with a surface area of hundreds
or thousands of square feet.

o Prediction of the effects of construction which can often modify the
actual strength values which can be mobilized. For example,
uncontrolled blasting can destroy delicate infillings or cementation
along joints thereby effectively reducing the cohesive component of
the shear strength to zero. Similarly, movement along discontinuities
during blasting can reduce the angle of internal friction from a peak
value to a residual value.

As an alternmative to laboratory testing, slope failures of a similar
nature can be back analyzed to determine the acting strength parameters at the
time of failure (assuming a Factor of Safety of 1.0). If the actual
conditions at failure, such as earthquake accelerations, pore pressures etc,
can be estimated, this method of strength determination is often superior to
laboratory testing.

Whatever method of strength determination is adopted, the application of
the results to features with a large areal distribution, such as a roadway
alignment, is tenuous with respect to engineering precision.

Rock Mass Strength

In some cases it is necessary to design rock slopes in a rock mass which
is highly fractured but lacks structural control for the face inclination. In
this circumstance it is necessary to develop a model for the shear strength of
the fractured rockmass. A method of accomplishing this is to utilize a
strength criterion such as that developed by Hoek and Brown (1980). This
criterion incorporates the broad lithogic rock type, the strength of the
intact rock and the degree of fracturing in the rock mass to develop a
non-linear shear strength equation.
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In the typical application of such methods, a general shear strength
model is developed. Application of such a model to lengthy alignments will
surely result in some zones in which the strength model is inappropriate.
Such zones must be recognized during constuction and appropriate design
modifications made to suit actual conditions.

UNCERTAINTIES IN ROCK SLOPE ANALYSES

Just as unavoidable deficiences exist in rock slope investigations, so to
are there deficiences in the analytical procedures.

Failure Models

In order to analyze rock slopes for stability, a number of models have
been developed for which mathematical solutions can be derived. These models
can be separated into structurally controlled and non-structurally controlled
models. Examples of the former include plane, wedge and toppling failures,
while the latter includes circular failure (Figure 3).

O0f these analytical methods, only the wedge analysis takes account of the
three-dimensional shape of the failure mass. The other methods assume that
the slope is infinitely long so that a two-dimensional analysis is
representative. Recent analytical methods have been developed for
three-dimensional anaylses, but these are not in widespread use.

Limit Equilibrium Analyses

Analytical methods usually employ the limit equilibrium method of
analysis which assumes that all resisting forces are fully mobilized at the
same time. For progressive type failures, portions of the failure surface can
locally become over-stressed and fail, thereby transferring the unbalanced
forces to other portions of the failure surface. This process can continue up
to the point of failure and clearly the limit equilibrium analysis is
imprecise and non-conservative for this mode of failure. Design factors of
safety should be sufficiently large to account for these time-dependent modes
of failure.

Seismic Considerations

It is often necessary to incorporate seismic accelerations into rock
slope design. This is accomplished by applying a horizontal force equivalent
to some percentage of the gravitational acceleration acting at the center of
gravity of the failure mass. The horizontal force is determined based on the
magnitude of the earthquake for the desired return period, the distance from
the epicenter and the amplitude of the ground motion. This data is often
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Types of Slope Failure in Rock
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based on extrapolations of historical data rather than actual measurements.
Recent experience suggests that pseudo-static analyses have been overly
conservative and that further investigation into this field is required.

Rockfall Control

Rockfall control has been designed based primarily upon empirical data
collected by Ritchie (1963) in Washington State. His research study consisted
of determining the trajectories of bouncing rock for a variety of slope height
and slope angle combinations. From these field tests Ritchie developed a set
of guidelines which are still in widespread use for the design of rock fallout
zones beneath cut slopes (Table on Figure 4). A study of rockfall mitigation
in California carried out by Caltrans in 1985 verified the ditch dimensions
derived by Ritchie. In the past 20 years, the Washington State Department of
Transporation has effectively mitigated rockfall problems on cuts where
Ritchie’s criteria have been applied.

The main limitations of Ritchie’s design charts is that they cannot
generally be applied to design fallout zones for rockfall originating from
mountain slopes with non-uniform inclinations or with multiple material types.
In recent years, several workers have attempted to apply analytical methods to
predict rockfall trajectorties, notably Piteau and Clayton (1977), Bowen
(1987) and others. These methods must still be considered to be in the
developmental stage until further field verification is carried out.

MITIGATION OF DESIGN UNCERTAINTIES

From the preceeding discussion it is evident that most rock slope designs
for highways have inherent uncertainties due to deficiencies in both the
investigation and analytical processes. In well designed slopes, this
uncertainty or design risk is minimized through implementation of selective
design and constuction mitigation measures including:

o Variation of slope geometry

o Slope drainage

o Careful excavation procedures

o Construction monitoring

0 Remedial stabilization measures
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Slope Geometry

Modifications in the geometry of the rock slope can be made to
substantially reduce the risk of a rock slope failure. These geometric
variables fall into three basic categories..

The first category concerns modification of the horizontal and/or
vertical alignment of the highway. This variable is of limited application
since under normal design settings the alignment and profile are controlled by
design factors other than slope stability requirements.

The second category, and that in which the rock slope designer can have
the greatest impact, is the cross-sectional geometry of the rock slope. By
simple manipulation of the face inclination in conjunction with site specific
knowledge of the structural geology, major improvements can be made in the
stability of the slope. This concept contradicts the well established
criteria of "template designs" in rock (e.g. 0.25H:1V in granite, 0.5H:1V in
shale). For almost all rock slope designs, template designs have no basis in
sound rock slope engineering.

A third category of geometric modification is the ditch design. Although
the rock slope design process strives to minimize the potential for slope
failure, it cannot-eliminate it. By providing a ditch width and ditch depth
suitable to contain the trajectories of falling rock for the inclination and
height of the rock cut, the impact of failure can be minimized. The ditch
design criteria in use today was developed primarily by Art Ritchie of the
Washington Department of Transportation in the late 1950's (Ritchie, 1963).

Benches on rock slopes, once considered beneficial for rockfall control,
are now almost universally regarded as impractical due to construction and
maintenance limitations. Due to the lack of accessibility for maintenance
equipment, these benches eventually fill with rock debris and actually become
hazards in themselves in that they can project rockfall out into the traffic
lanes. In a recent rockfall accident in Oregon, a rock originating above a
debris filled bench was projected 40 feet horizontally into the path of an
oncoming vehicle resulting in the deaths of two children. The preferred
alternative to a rock slope bench is to increase the width of the ditch. This
location has the advantages of increased storage volume for rockfall debris as
well as accessibility for maintenance equipment. The only exception to this
is on very high slopes where it is practical to construct an equipment-
accessible bench at least 20 feet wide, and preferably greater.

Slope Drainage

Although there are numerous methods to control groundwater in rock
slopes, the most economical method is the utilization of horizontal drains
drilled into the final slope face at locations of obvious seeps and at regular
intervals along the base of the rock slope just above the ditchline (Figure
5). 1In non-degradable rock these drains can consist simply of uncased drill
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holes with a positive inclination into the slope. If the rock is subject to
degradation, some form of perforated pipe is necessary to keep the drainage
path open.

Excavation Procedures

Rock slopes are excavated either by ripping or by drilling and blasting.
Either procedure, if not carefully controlled, can result in final slope faces
which will produce ongoing maintenance problems due to rockfall.

Ripping leads to problems when either the rock properties or the ripping
equipment causes the formation of large rock blocks. This commonly occurs
where the rock is strong and relatively unfractured but the contractor
attempts to rip it with high powered tractors. An irregular final slope face
containing partially dislodged, large blocks is the probable result.

When drilling and blasting are employed to excavate the rock, it is
essential that the final rock slope not be subjected to significant blast
vibrations or gas pressures which weaken the rock mass. Controlled blasting
techniques accomplish this through the use of time delays which limit the
amount of explosive instantaneously detonated, thereby reducing the vibration
levels transmitted through the rock. An important technique employed in
controlled blasting is the drilling of a closely spaced, carefully aligned
final row of holes inclined at the design angle for the final slope face.

This row is loaded very lightly with explosive, usually detonating cord, and
fired either before ("pre-split blasting”) or after ("cushion blasting") the
main production blast. This line drilling tends to split the rock between the
final row holes which results in minimal backbreak in the final face and a
less disturbed rock mass. This is important to preserve the cohesive strength
component along discontinuities and to form a smooth, intact rock face which
is less susceptible to degradation and generation of rockfall. Also, by
maintaining the integrity of the rock, steeper slopes can be excavated.
Depending on rockmass character and particularly for harder rock types, high
quality, controlled blasting will usually result in blasthole imprints or
"half rounds" left on the face. Figure 6 illustrates a comparison of
controlled blasting and conventional blasting within the same rock cut.

Construction Monitoring

The monitoring of major rock slopes by qualified geotechnical engineers
or engineering geologists during construction is an effective method of
mitigating against design uncertainties. This individual checks that
assumptions made for the initial design are verified in the pioneer access
construction and in the upper lifts of the cut. He should also detect
structural anomalies, such as significant faults, which were not accounted for
in the design. It is much easier to implement major design changes during the
early excavation sequence than to re-access the top of the cut after it has
been completed or after it has failed.
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Remedial Stabilization Measures

An integral part of comstruction monitoring is to have a "bag of tricks"
available through the contractor for the remedial stabilization of site
specific problems. These stabilization measures commonly include shotcrete,
tensioned or untensioned steel rockbolts, wire mesh, fences, buttresses etc.
Occassionly such measures can be specified in the design of rock cuts but more
often they are required as a result of conditions revealed during excavation.
For this reason it is advisable that the construction contractor have the
equipment and expertise available to implement these techniques on as-required
basis.

AESTHETIC ISSUES

The following discussion deals with those aspects of rock slope design in
which aesthetic and engineering objectives are typically in conflict.

Slope Geometry

Engineering experience indicates that smooth, uniform, rock faces without
benches are optimal for safety from rockfall. A tight slope face minimizes
cracks and fissures in which weathering, ice and root wedging can
progressively loosen and undermine rock blocks, eventually leading to a
rockfall problem. A uniform slope face, free from overhangs, provides less
source material for rockfall.

Other desirable aspects of slope geometery, from the engineering
viewpoint, include rounded slope crests to transition between intact rock and
weathered rock or surficial materials, plan view shapes which are planar or
concave and slope inclinations which are the steepest possible, yet compatible
with the structural discontinuities of the site-specific rock mass.

Aesthetic guidelines for rock cut slopes attempt to create irregular or
"sculptured" faces which are intended to have a natural appearance. The slope
face is intended to be warped with non-parallel top and toe cut lines which
impose variable inclinations to the cut (Figures 7 and 8). It is sometimes
specified that randomly-located ledges and pockets be provided for planting
vegetation (Figure 9). These requirements are diametrically opposite to
engineering requirements to minimize rockfall potential as discussed above.
In addition, they assume that rock can be "cut like butter" to provide
randomly located ledges and pockets. Even if they could be physically and
economically constructed, there is overwhelming engineering experience with
rockfall trajectories which dictates against deliberately building in slope
face roughness to accomodate such aesthetic guidelines.
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Controlled Blasting

Controlled blasting refers to all methods which attempt to limit the
disturbing effects of the blasting on the rock which will form the permanent
rock slope. The associated blast hole imprints are totally objectionable to
some landscape architects (Figure 10). To create the "ragged and more
natural" cut face required by aesthetic interests, necessitates that
uncontrolled blasting be used. This results in not only a ragged face but
also in disturbance of the rock some tens of feet into the cut with consequent
long term rock fall problems. Much of the rockfall hazard which is present on
the highway system today is the direct result of uncontrolled blasting
practices prior to the 1960's.

Controlled blasting is considered essential for the excavation of safe
rock slopes with minimal costs for scaling, excavation, remedial stabilization
and maintenance (Piteau and Peckover, 1978). For rock cuts of limited height
with adequate fallout zones and with favorable geologic structure, a few
procedures are available to induce limited slope roughness and to minimize
blasthole imprints. A slightly wider spacing of holes in the final row can
induce some roughness and limit imprints to a certain extent. Additional
experimental techniques include control of the direction of detonation within
each of the presplit holes and the utilization of special explosives with a
higher brissance and higher detonation velocity which can be used to induce
slight shattering of the rock immediately around the blast hole which will
cause the rock to weather more quickly to remove the hole (H.W. Sheeran,
personal communication). Extreme care should be taken to insure that such
methods do not compromise the integrity of the rock slope and should only be
based on a site specific evaluation and test blasts under the guidance of a
blasting expert.

Slope Drainage

Promotion of slope drainage to reduce pore water pressures and minimize
ice formation, which can lead to seasonal increases in pressues, is integral
to sound cut slope design. Drain holes, often completed with slotted drain
pilpe, are the most economical method of controlling water pressures in a
highway rock cut. Unfortuhately, the array of pipes and holes on the slope
face can be unsightly and is unacceptable in aesthically sensitive areas.
Mitigation can be partially effected by limiting the amount of pipe protruding
from the face or by strategically locating the drain pipes in less visible
recesses in the face. In non-degrading rock types, less visible, uncased
drain holes are preferable.

Shotcrete
Long-term weathering of certain rock types, such as shale, particularly

when interbedded with more resistant rock types, can lead to under-cutting and
block instability. Shotcrete is an invaluable tool to the design engineer to
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prevent degradation through weathering and to thereby preserve the rock mass
strength derived from the interlocking of component blocks. This is
accomplished with a thin coat, typically 2 to 3 inches, of pneumatically
applied concrete, usually referred to as shotcrete. To avoid buildup of water
pressures in the rock mass behind the shotcrete, drain pipes through the
shotcrete are common.

Aesthetic objections to shotcrete include the unnatural gray concrete
color, the mottled appearance associated with leaching and chemical
precipitation caused by groundwater, the associated drain pipes, and the
texture which is intermediate between that of the rock and a cast-in-place
concrete wall.

Many treatments are available to improve the appearance of shotcrete.
For slopes excavated to close tolerances, the final shotcrete surface can be
hand-trowelled to create a texture indistinguishable from cast-in-place
concrete. A more natural texture can be achieved by applying a finish coat of
rough exposed aggregate. The color of the shotcrete can be matched to the
surrounding rock through the addition of dye, although careful control of
mixing is required to avoid color variatioms. Bleaching of color with time
can be minimized with good drainage and with the use of silica-fume additive
to the shotcrete mix. As an alternative to dye, the shotcrete can be painted
after it is applied. Visible drain pipes through the shotcrete can be
eliminated with drainage fabrics installed as vertical strips at regular
spacing behind the shotcrete. The fabric drains should be provided with a
gravity drain pipe outlet at the base of the cut.

Rock Bolts

Rock bolts are typically utilized on an "as-required" basis during
excavation to stabilize local areas on the slope face. This application often
precludes a predetermined location for each bolt in the design phase.

The aesthetic objection to rock bolts is the same as that for drain
pipes; an unnatural protuberance from the cut face. Where shotcrete is
employed, the rock bolts can simply be covered to eliminate visual impact.
Alternatively, the bolt can be installed with the top end recessed in a larger
diameter hole, tensioned with a temporary extension rod and grouted for the
full length. After the grout has set, the extension rod is removed and the
recess hole is filled with grout to match the rock color (Figure 11),

Rockfall Catch Ditches

Ditches have been proven effective to control rockfall which cannot be
stabilized in-place on the slope. Ditch geometry is integral to its
effectiveness as shown in Figure 4. Trapezoidal ditches with steep sideslopes
and soft, energy absorbant bases have been found most effective for the
retention of severe rockfall. Maintenance requirements dictate that the
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minimum width should accommodate equipment for ditch cleaning (usually about
12 feet). To prevent vehicles from entering the ditch while still retaining
the desired rockfall catchment characteristics, the optimum ditch shape is
sometimes modified either by increasing the width and flattening the
sideslopes or by installing a guard rail. The Washington State Department of
Transportation Design Manual (WSDOT, 1984) contains a range of ditch designs
to suit the expected amount and size of rockfall (See Stages 1 to 3, Figure
4).

Some aesthetic requirements desire a rounded toe of slope or a warped toe
line which results in an uneven ditch width and depth (Figures 7 and 8).
These requirements can serve to "kick" falling rock out into the traffic
lanes, hamper maintenance efforts and reduce ditch catchment capacity and
effectiveness. As shown in Figure 4 the ditch geometry must be designed in
accordance with the slope height and inclination of the cut and for this
reason there is little flexibility to accomodate aesthetic priorities.

Vegetation

The roots of trees growing on rock cut slopes can lead to rockfall
through the long-term wedging action which results from root growth and from
the prying action caused by wind loading on large trees (Figure 12). It is
common for rock scaling contracts to call for the cutting of all large trees
on a rock face up to a distance of 10 feet beyond the slope crest.

Aesthetically motivated slope designs have the opposite objective; often
specifying that trees be planted on the slope face in pockets or ledges or
along the crest of the slope as shown in Figure 8. This desire can be
-incorporated to a limited extent if the planting pockets are located near the
ditch line so as not to interfere with maintenance activities and at sites
where they do not represent a stability concern. Suitable types of vegetation
should avoid those which will mature as tall trees with extensive root
systems.

Retaining Wall Systems

In weathered or weak rock, retaining systems are often employed to enable
steeper cuts to be excavated. An emerging system of in situ reinforcement for
permanent support of weak rock and soil incorporates steel pins, shotcrete and
drainage pipes installed in lifts as the excavation proceeds. This system,
commonly referred to as "soil nailing", offers the potential for significant
cost savings over traditional retaining systems, such as cantilever walls or
soldier pile-tieback walls, because the support is installed from the top down
thereby eliminating the need for temporary cut support.

Aesthetic resistance to this type of wall includes objections to the
shotcrete, drains and rock bolts. In addition to the mitigation for these
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measures previously discussed, a number of facia wall treatments can be
utilized to improve the aesthetic appearance. These methods are expensive and
can eliminate the cost effectiveness of in situ reinforcement systems.

INTEGRATED DESIGN REQUIREMENTS

From the preceeding discussion, it can be seen that there are divergent
issues related to the design and construction of rock slopes. On the one
hand, there is a desire on the part of landscape architects to minimize the
"monolithic" appearance of the rock cuts, while on the other hand the
geotechnical engineer/engineering geologist has the responsiblity to design
and construct stable slopes. The design and construction standards of rock
slopes today are well established and uniformly accepted within the industry.
If these standards are not implemented, the ultimate liability for a rock
slope failure will be with the geotechnical engineer/engineering geologist.
Slope designs should only incorporate aesthetic requirements after
geotechnical approval in the feasibility, detailed design and conmstruction
phases.

Feasibility Stage

To minimize the conflicts between these opposing viewpoints in the later
stages of a project design and to avoid having construction contracts that
can’t be built due to unrealistic aesthetic requirements for rock slopes,
early project scoping and communication is essential. This scoping must occur
prior to having the aesthetic issues of a project "cast in concrete" (i.e.
environmental committments) and should include a feasibility level evaluation
of rock slope design issues including a review of:

o The location and height of proposed rock cuts.

o Existing rock exposures (if present) to determine the presence or lack
of geologic structure within the rock mass. This review would also
entail an evaluation of existing slope failures and their extent.

o Determination of the probable range of groundwater conditions present
within the project.

The data derived from this preliminary evaluation process is invaluable
in assessing the risks associated with rock slope design and construction for
the project. These risks, if communicated early, can prevent conflict at
later stages of the design. For instance, if the project consists of only
small (less than 15 ft) rock cuts with little or no structural control, the
risk and consequnces of slope failure are low and therefore the opportunity to
include "aesthetic treatments" to the rock slopes is greater. On the other
hand, if the project consists of major rock cuts that will be structurally
controlled, the risk and consequences of failure increase dramatically and
"aesthetic treatment" of the rock slope may be impossible. The bottom line in
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these situations is safety of the travelling public and is no longer a visual
or aesthetic issue. The early scoping process can identify those projects, or
areas within a project, where aesthetic designs could be considered for low
risk slopes and also identify the high risk slopes in which aesthetic issues
would play a secondary role to rational engineering design and construction.

Detailed Design

Based on this early communication in the feasibility stage between rock
slope designer and the landscape architects, critical. issues to both parties
can be aired and a "design approach" formulated. As the detailed design
proceeds and more site specific data is input to the rock slope analyses,
there is a need for flexibility in the "design approach" to accomodate the new
information. For example, it may be discovered during detailed design that a
small rock cut would undercut a large kinematically controlled failure and to
stabilize the slope would require an extensive bolting effort which would be
aesthetically unpleasing. In this situation, the control to the design is
stability and, ultimately, safety, and therefore aesthetic issues must be a
secondary criteria.

Another issue for consideration during the detailed design stage is to
avoid the contractual inclusion of aesthetic design elements which ultimately
cannot be constructed. Design elements such as planting pockets not only are
very difficult, if not impossible, to construct, they also detract from the
overall long term stability and safety of the slope.

Construction Stage

During construction, aesthetic issues for the project must not be rigid
to the exclusion of remedial slope stabilization measures which may be needed
as the rock cut is being brought down to grade. To flatly deny the use of
shotcrete, rock bolts or other methods of stabilization is very risky since
the nature of the slope instability may not be known until it is encountered.
Limiting the use of stabilization techniques either compromises the stability
and long-term safety of the slope or adds significantly to the construction
cost through the use of less cost-effective stabilization alternatives.
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ABSTRACT

The construction of highways is becoming a more regulated activity as each
year passes. The environmental constraints impacting construction can
include wetlands, critical habitats., contaminated soils, steep slopes, and
stream encroachment.

This paper discusses the impacts of wetlands, naturally acidic soils, high
ground water and critical habitats, specific to approximately 3 miles of
highway construction and generally as to how to mitigate environmental
constraints for successful highway construction.

The 3. mile highway located in southern New Jdersey required a fast track
design coordinated with multiple environmental permits. The layout of the
roadway was shifted to avoid as much environmentally sensitive areas as
was possible. However, the design still impacted 40 acres of wetlands in
an area with high ground water and natural acidic glauconitic sands. It
was necessary to develop a wetland mitigation plan that provided wetland
creation and preservation to offset the wetland impacts that the proposed
project would cause. : :

For the creation of the wetland areas., it was necessary to excavate
several feet below the existing surface to a depth that intercepts or
approaches the water table. In addition to providing adequate moisture
conditions, proper substrate conditions were also required depending on
the wetland type being created. To determine subsurface conditions. a
hydrogeologic investigation was undertaken. The results of this
investigation were incorporated into the final wetland creation area
designs. From these data. grading elevations and substrate suitability
were determined. Grading plans with wetland zone planting areas were
developed.

The most critical of the controlling abiotic environmental factors in the
formation and maintenance of wetlands is the presence of water. Water
must be present in amounts and duration sufficient to form a habitat that
supports predominantly hydrophytic vegetation. Several hydrologic regimes
exist that support wetland vegetation, and vary from semipermanently
flooded areas., to saturated soils with the water table at or very close to
the surface for periods long enough to influence the establ ishment or
predominantly wetland vegetation. There was concern expressed over the
possibility of exposing acid-forming subsoils that contain sulfides. When
exposed to oxygen, the sulfides contained in these subsoils are oxidized,
gng ultimately form sulfuric acid which can cause the pH to drop below
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That hydrologic investigation indicated acidic soils and water. and in
addition that the soils were too sandy and low in nutrients to support
wetland vegetation. A wetlands mitigation plan was designed and
implemented to create 30 acres of wetland and preserve 87 acres of
wetland. Mitigating measures included neutralization of soils, special
plantings and redesign of the drainage system to create approprlate
hydrologic conditions.

This paper summarizes the approach to various environmental constraints
for highway construction from identification of concerns through
mitigation in accordance with applicable regulations. The interaction of
vegetation, soils, rock and hydrologic conditions can be managed to
provide for environmental protection as well as highway construction.

INTRODUCTION

The construction of highways is becoming a more regulated activity as each
year passes. The cause of this is twofold; more concern for natural
resources has resulted in promulgation of regulations and heightened
awareness of the public: and remaining undeveloped lands and areas around
existing roadways often are available for construction because of lack of
development caused by environmental constraints of highway proximity. It
is now being realized that assessment of environmental constraints should
be performed in the study phase and not later in the design phase. The
jdentification of construction constraints prior to design allows for
incorporation into the planning stage design parameters which can save
money and time.

Federal and state legislation regulates roadway location and construction
practices and their impact on the natural environment. Protected
environments include habitat for threatened and endangered species; the
open waters of streams, lakes., and rivers; coastal areas: soil source
aquifers; and wetlands. These, in addition to traditional engineering
constraints, such as steep slopes, poor foundation materials and drainage,
can greatly influence the final location and design of a roadway.
Traditional engineering constraints can also influence the mitigation
opportunities available to the roadway designer.

Wetlands use to be defined as swamps. bogs, and during construction wet
excavation. Wetlands now are defined as areas perijodically or
pers1stent1y supporting vegetation that is dependent on moist soil or grow
in water, having soils which are predominantly undrained and wet over a
sufficient period of time to periodically produce conditions which the
soils contain no oxygen, and shallow water covers or ground water
saturates the areas some time during the growing season and are regulated
by Federal and State regulations.
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Heightened concerns of contamination is resulting in investigations during
the study phase to identify potential areas of concern prior to right of
way takings and condemnation procedures. If the property that a highway
is going to be built on is part of an industrial facility. an old landfill
or even a gasoline station, an investigation prior to design can identify
constraints or potential environmental problems. The investigation
generally consists of a historical review of properties., Federal and State
environmental file reviews and a site reconnaissance to identify if
contamination may exist. Attempting to construct a highway in an area of
leaking underground tanks will increase cost and timeframes substantially.

High ground water, stream crossings and drainage areas have always been
design parameters for highways and mitigating measures were developed
through construction. However, through heightened awareness and dwindling
natural resources the protection of ground water, stream channels. and
drainage areas are becoming more regulated and design parameters are
evolving. The approach has become not just how to construct the highway
but how in the best interest to the environment can construction proceed.

CASE HISTORY

Throughout the United States there are many highways and roadways which
have been designed and then shelved for years. The reasons are often
financial but there are many that are on hold because permits are denied,
environmental constraints are evident and to get approvals. designs need
adjustment.

BACKGROUND

Location and design of a three mile extension of State Highway 18 in
Monmouth County, New Jersey began over twenty years ago. Permit approvals
were granted only after successful resolution of concerns for impacts to
wetlands. In accordance with Council on Environmental Quality regulations
(40 CFR 1508.20), proposed mitigation included measures to avoid impacts,
measures to minimize impacts, and measures to compensate for impacts by
replacing the affected environment.

The four lane roadway is located within 300 feet right-of-way. Opposing
travel lanes are separated by a 60 feet grass median. The project area is
within the inner coastal plain, an area that was ocean floor approximately
one million years ago. and more recently influenced by outwash from
continental glaciation. Topography is generally flat with occasional
rolliing hills. Elevations in the inner coastal plain vary from sea level
to 400 feet. Soils are primarily sand, silt, gravel and clay (Robichaud
and Buell 1983).
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Vegetation communities include the marshes, swamps. and bogs of the
lowlands, which are influenced by low relief and high water table: and the
mesic uplands, which are influenced by well drained soils. The mesic
uplands are overlaid by a belt of soils containing the mineral glauconite,
commonly called greensand marl. In places where the mineral is abundant,
the soil has a dark green color (Robichaud and Buell 1983). Soil groups
with an abundance of glauconite exhibit strong to excessive acidity.

When exposed to oxygen. sulfides in glauconitic soils are oxidized and
form sulfuric acid. Soil pH may drop as low as 3.0. Soil pH in the
project area ranges from approximately 3.5 to 5.5 and is classified by the
USDA Soil Conservation Service as excessively acidic. Development of
wetland vegetation on these soil is at best difficult and limits
opportunities to mitigate for Toss of wetlands. Early coordination with
regulatory and resource agencies during the planning phase of roadway
development allowed for identification of these constraints and development of
measure to avoid or remedy them.

THE PROBLEM AND REMEDY

State transportation agencies operate within the direction given by
Executive Order 11990, Protection of Wetlands. Federal aid project must
comply with Department of Transportation (DOT) Order 5660.1A, Preservation
of the Nation's Wetlands which results from this executive order. DOT
Order 5660.1A requires that state transportation agencies demonstrate
there is no practicable alternative to construction in a wetland and all
practicable measures to minimize harm have been included in the project.

Extension of State Highway 18 required the taking of wetlands, making
mitigation necessary to gain project approval from regulatory (i.e. US
Army Corps of Engineers and US Environmental Protection Agency), resource
(i.e US Fish and Wildlife Service), and sponsoring agencies (i.e. Federa]
Highway Administration).

The hierarchical mitigation policy described by the Council on
Environmental Quality prescribed that the first mitigation measure to be
used is to avoid impacts to the environment by alternative roadway
location. The roadway corridor was realigned, and existing wetlands
within the right-of-way not occupied by the roadbed or construction
staging areas were preserved. However, it was estimated that 46 acres of
wetlands would still be impacted by the project. Placed fill would
convert these areas to upland and prevent reestablishment of wetland
vegetation.
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Measures to minimize impacts were accomplished by the following.
Alterations to wetland hydrology within the project area were minimized by
preserving natural drainageways with culverts and pipes. Duration and
frequency of flooding by surface or ground water is the most important
abjotic factor influencing wetland vegetation. Impacts to wetlands were
further minimized by reducing the originally proposed roadway median width
from 120 to 60 feet. development of a comprehensive soil erosion and
sediment control plan., and application of best management practices for
road construction. A unique stand of Atlantic white cedar (Chamaecyparis
thyoides) adjacent to the project area was protected by the presence of a
qualified forester during the early phase of road construction.
Approximately 87 acres of wetlands were preserved, both within and outside
the right-of-way.

Finally, measure to compensate for impacts by replacing the affected
environment were accomplished by creating 40 acres of wetlands in areas
that were mesic uplands. The process of creating wetlands is the focus of
this paper and is described below.

The initial step in the development of the Route 18 roadway wetlands
impact mitigation plan was to document existing conditions. This
documentation began with a review of the U.S. Fish and.Wildlife Service
(FWS) National Wetlands Inventory Maps for the area and interpretation of
available aerial photography. Field investigations, including .
identification of hydrophytic species and hydric soils, were conducted to
confirm the regional FWS assessment.

The second step in the development of the Route 18 mitigation plan was to
refine the wetlands impacts predicted. Refinement consisted of field
verification of the types and exact locations of wetlands within the
proposed right-of-way. This field verification effort was based upon
identification of hydrophytic indicator species and a survey of areas
within the right-of-way where these species dominate.

Based upon the results of the wetlands survey of existing conditions, the
total acreage of wetlands within the right-of-way and the total acreage of
wetlands to be filled was calculated. The calculated acreage of wetlands
to be filled was refined using engineering judgement regarding the
proposed 1imits of roadway construction. The design of Route 18 roadway
was intended to minimize indirect adverse impacts to wetlands beyond the
limits of construction. Wetlands impact reported in the mitigation plan
included only areas within the right-of-way.
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In order to assess the impact that filling the wetlands would have on the
environment of the study area., a functional assessment of wetland values
was performed. The functional value of wetlands within the project area
were all high in terms of ground water recharge. flood storm water
storage, sediment and nutrient trapping and wildlife habitat. These
wetland areas have generally a low to moderate functional ratings for
fishery habitat. food chain support and active recreation.

Several wetland evaluation tools have proved effective in documenting
functions and values of wetlands. Wetland functions and values include
ground water recharge and discharge, flood storage and desynchronization,
shorel ine anchoring and dissipation of erosive forces, sediment trapping,
nutrient retention and removal, food chain support, habitat for fish and
wildlife, and active and passive recreation. Regulatory and resource
agencies often require that such evaluations be made to assure the
quantity and quality of created wetlands adequately replace those
functions and values impacted by construction.

The wetland functions and values described above may be evaluated by the
Federal Highway Administration Assessment Method (a.k.a. Adamus Method)
first described in 1983 and recently revised and renamed by the US Army
Corps of Engineers as the Wetland Evaluation Technique (Adamus. Clairain.
Smith and Young 1987). The technique measures predictors of physical,
chemical, and biological characteristics of a wetland. It describes
wetland function and values by evaluating their social significance,
effectiveness in performing a function, and opportunity to perform that
function. For example, communities prone to flooding would likely rate
the social significance of a wetland that moderates flood flows as high.
The effectiveness of that wetland to perform that function is dependent on
its location within a drainage. Wetlands positioned near the mouth of a
stream are more likely to moderate flood flows effectively that wetlands
positioned at the headwaters. Finally. the opportunity to perform that
function is dependent on frequency of flood events and increased runoff
caused by upstream urbanization.

Successful creation of wetland areas required drainage plans which allow
the soils to receive sufficient water to support hydric soils and
vegetation. The drainage characteristics of the proposed wetlands
creation areas is a function of soils and local topography.
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SOILS AND VEGETATION

The soils within the project area range from poorly drained to excessively
well drained. Keyport and Lakehurst sands are well drained and will
generally not allow sufficient water retention for successful wetlands
creation. In order to overcome this potential problem, it was necessary
to prepare wetlands creations area in these soils groups to increase water
retention. Highly organic topsoil and proper drainage was used to
increase fertility and water retention sufficiently to support hydrophytic
plants.

The Atision and Colemantown soils are classified as hydric or excessively
wet. Hydric soils develop under saturated conditions and soil pores in
the root zone are permanently or periodically filled with water. These
soils are found in several ground water discharge areas within the project
corridor. These soils are generally capable of supporting wetlands
vegetations without soil preparation provided sufficient nutrients are
available. However, alteration of existing contours was of concern in
that excessive water accumulation in these areas might occur altering the
existing vegetation and posing problems for proper roadway drainage and
possible flooding of adjacent properties. In order to reduce the
possibility of these problems. wetlands creation areas which were planned
for hydric soils was included in the roadway drainage system. A detailed
drainage plan for the major wetlands creation areas was developed to
handle excess storm water. In several locations, the excessively well
drained wetlands creation areas and the poorly drained hydric soils group
were adjacent to one another. At these locations., connections were made
to allow the created wetlands areas to function as a single hydrologic
unit. The overall goal of the planting in the wetland creation areas was
to establish proper conditions which would allow characteristic wetlands
vegetation and hydric soils conditions to establish and perpetuate
themselves. The success of this creation strategy depended upon proper
site preparation and selection of suitable planting material.

Prior to final design of planting or site preparation work. each of the
individual creation parcels was inspected by a qualified plant ecologist
to determine the exact needs of the site. Based upon this inspection,
grading and planting plans were developed. The initial phase of the
planting scheme involved removal of existing vegetation., excavation and
grading. These activities were be coordinated to the maximum extent
possible with roadway construction activities.
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Soil preparation involved final grading and placement of organic soils and
topsoils. A portion of the organic soil necessary for preparation of the
wetlands creation sites was available from within the project limits. The
chemical properties of the existing on site soils presented additional
constraints for wetlands vegetation. The soils groups within the project
area exhibited strongly to excessively acidic soil reaction
characteristics (SCS, 1978). The natural soil reaction pH of several of
the soil groups in the project area ranged from approximately pH 3.5 to
5.5. These pH levels were low enough to classify the soils as excessively
acid according to USDA - Soil Conservation Services (SCS, 1978).

Techniques for minimizing the adverse impacts resulting from construction
activities in highly acidic soils were developed.

Once grading and soils preparation was complete, planting proceeded. In
general only, indigenous species were utilized and planting densities
approximated those in existing wetlands. Wherever possible, clumps of
existing trees and shrubs were salvaged and transplanted from within the
limits of construction. However., it was necessary to supplement available
planting material with nursery stock and also necessary to attempt to
stage the planting to allow some on site propagation and replanting of
desirable species.

The planting schéme involved four zones - Upland Buffer: Forested Wetland;
Scrub Shrub and Flooded F1e1d - The material to be planted in each zone
were as follows: :

Upland Buffer

- This area was intended to provide a transition between uplands, roadway
shoulders and wetlands creation areas. Roadway planting followed standard
specifications using native grass/wildflower mix including panic grass.,
redtop grass, little blue stem and reed canary grass. In lower and moist
portions of the buffer zone, sedges. blackberries., high bush blueberry and
swamp rose were be introduced along with scattered transitional shrubs
such as spice bush, coast pepperbush and aider. The upland buffer zone is
of 1imited value to wildlife due to proximity to the roadway and low
spatial diversity. The planting scheme attempted to compensate for this
by introducing a variety of plants with wildlife food value.

Forested Wetland

Limited areas of forested wetland were planned at five locations. These
forested wetlands provided varied habitats with vertical spatial diversity
in order to accommodate local wildlife species displaced by the roadway.
FulT development of these areas will require upwards of 10 years and the
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goal of the initial planting is to establish proper conditions for such
communities. Plantings in the forested wetlands zones included Red Maple,
Cottonwood and Gum. These species will eventually make up the forest
overstory: most were commercially available and have value as wildlife
food. These trees were planted in clumps throughout the forested wetland
zone. Planting densities depended upon local conditions and the
vegetation of adjacent existing areas. Ground cover of ferns, natural
wildflowers and wetlands grasses will be allowed to establish themselves
throughout the zone.

Scrub_Shrub —
The largest percentage of the creation areas was planted with wetlands
shrub species. These areas represent an intermediate level of plant
succession and offer the advantages of relatively high species diversity,
are quickly established and tolerate a wide range of soil saturation. One
drawback to this creation group is that many of the necessary plant
species were not commercially available. Planting in the scrub shrub zone
also included swamp dogwood, swamp azalea. swamp rose, coast pepperbush
and rushes. Low growing herbs such as orchids and milkworts as well as
flowers Tike Turk's cap 1ily and ferns were established or introduced into
this area.

Flooded Field

The flooded field zone represented a vegetation community similar to the
scrub shrub group but included rooted herbaceous hydrophytes capable of
growth in periodic flooded areas and conditions of long term soil
saturation. This vegetation group represents a mix of emergent wetlands
and scrub-shrub wetlands found within the study area. Scrub shrub zone
plants were introduced to the edges of the flooded field areas and the
demarcation between these two zones is not rigid. However in the center
of the flooded field, large stands of burreed-spikerushes were
established. The planting scheme concentrated on plants species with
value as wildlife food.

In order to evaluate the success of the wetlands mitigation plan, a
preliminary assessment of the value of the wetlands creation areas was
performed. Environmental analysis of the State Highway 18 extension
project made use of NWI maps. SCS soil surveys, and field study. The
Federal Highway Administration Assessment Method was applied and allowed
for evaluation of both filled wetlands and the created wet]and proposed as
mitigation. Wetlands within the project area were rated high for ground
water recharge, flood storage and desynchronization, sediment trapping,
nutrient retention, and wildlife habitat. The functions and values of

fishery habitat, food chain support, and active recreation were rated Tow
to moderate.
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Created wetlands were designed to replace the functions and values
described above to replicate the native vegetation where possible. Soil
properties and ground water elevations at proposed locations of created
wetlands were intensively monitored by borings and wells to better
understand physical and chemical constraints to mitigation. Created
wetlands were constructed by excavating below existing grade to an
elevation that approached or intercepted the high ground water table.
Subsoils within these sites were analyzed and found in some cases to be
unable to support wetland vegetation. This because of the predominance of
sands with 1ittle organic matter and Tow concentrations of nutrients; and
the presence of glauconite. An overlay of both mineral and organic soil
provided a physical barrier to glauconite subsoils, improved water
retention, provided some nutrients, and offered a seed source for
development of wetland vegetation. .

The FHWA technique recognizes that perfect replacement of functional
values is seldom feasible and exact quantification of projected wetlands
values is not possible. The results of functional assessment of the Route
18 wetlands creation areas reflect these limitations.

A permit to conduct this activity was obtained from the Army Corps of
Engineers by the New Jersey Department of Transportation. To obtain this
permit. it was necessary to develop a wetland mitigation plan that
provided wetland creation and preservation to offset the wetland impacts
that the proposed project would cause. The mitigation plan included a
discussion as to the feasibility or lack thereof of hydraulically
connecting mitigation areas restorative measures to be taken if predicted
ground water elevations are inaccurate and do not support the created
wetland areas, documentation regarding how the 87 acres of preserved
wetlands are to be protected. provisions for interconnected borrow ponds
to enhance the habitat value for amphibjans and reptiles, and provide
irregularly shaped ponds 3 to 5 feet in depth covering between 20% and 40%
of the available land areas surrounded by Tow-elevation non-continuous
berms. and with shallow radiating collection channels.

Overview of Final Wetland Mitigation Plan

For the creation of the wetland areas., it was necessary to excavate
several feet below the existing surface to a depth that intercepts or
approaches the water table. In addition to providing adequate moisture
conditions, proper substrate conditions were required depending on the
wetland type being created. To determine subsurface conditions, a
hydrogeologic investigation was undertaken. The results of this
investigation were incorporated into the final wetland creation area
designs. From these data. grading elevations and substrate suitability
were determined. Grading plans with wetland zone planting areas were
developed.
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The key to a successful wetland mitigation plan rests in creating the
proper habitat that will support the desired hydric vegetation. To.
achieve this primary objective, data on the controlling environmental
factors were identified and incorporated in the creation of these wetland
habitats.

The most critical of the controlling abiotic environmental factors in the
formation and maintenance of wetlands is the presence of water. Water
must be present in amounts and duration sufficient to form a habitat that
supports predominantly hydrophytic vegetation. Several hydrologic regimes
exist that support wetland vegetation, and vary from semipermanently
flooded areas, to saturated soils with the water table at or very close to
the surface for periods long enough to influence the establishment of
predominantly wetland vegetation.

Another abiotic factor associated with wetland conditions is the formation
of hydric soils. Hydric soils are separated into two major categories
based on their constituents: (1) Organic soils and (2) Mineral soils.
Organic soils contain a high percentage (>20%) of organic matter
throughout the soil profile and are generally formed in water-logged
conditions where aerobic decomposition of organic matter is impeded by
anaerobic conditions associated with prolonged flooding. The accumulation
of organic matter, particularly plant material, is thus encouraged under
these conditions. Ponds, shallow lake shores, and wet depressions are
examples- of areas in which organic soils are typically formed.

Hydric mineral soils form in situations where the hydrologic regime
consists of temporarily flooded conditions and saturated soils. Small
amounts of organic matter can accumulate under these conditions, but not
enough to classify the soil as organic. Hydric mineral soils commonly
occur where ground water is close to the surface. in low permeability
soils that form perched water conditions and have the tendency to hold
water (clays). and areas with low lying topographic positions.

HYDROGEOLOGIC INVESTIGATION

A hydrogeologic investigation was undertaken to study and identify
subsurface conditions in order to create habitat conditions with
hydrologic and substrate characteristics necessary to support the desired
wetland creation types.

There had been concern expressed over the possibility of exposing
acid-forming subsoils that contain sulfides. When exposed to oxygen, the
sulfides contained in these subsoils are oxidized, and ultimately form
sulfuric acid which can cause the pH to drop below 3.0. To clarify this
condition an additional 13 soil samples were analyzed for potential
acidity. The test oxidizes the sulfides present in a sample into
sulfates. Then the sulfate composition is determined.
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Ground water monitoring wells were installed to obtain the following data:

1) Depth to ground water. This data was used to determine the finished
grades of the wetland creation areas. Ground water level readings
were being taken about twice a month to accurately determine ground
water elevations and to determine seasonal water table variations.

2)  Ground water pH monitoring. Concern had been exhibited over the
possibility of releasing acid ground water into the surface water
systems and exposing acid producing geologic deposits. .Therefore, pH
readings were taken along with ground water level readings to obtain
the data base needed to access the possibility of this occurrence.

In general the upper several feet of material consists of tan to brown
sands or gray silty clays. These upper deposits are underlain with beds
of silty clays. These upper deposits are underlain with beds of sands and
clays which consist of varying mixtures of quartz and glauconite. In most
cases the mitigation areas are underlain with a subsoil that consists of
glauconite sands, commonly called greensand marl. The soil has a dark
green color and exhibit strong to excessive acidity.

Chemical analysis was performed on subsoil samples that were at the
approximate elevations of the anticipated wetland creation grades.

Subsoil chemical conditions varied considerably for most of the parameters
tested. The pH values ranged from 3.5 to 5.0. Twenty-nine out of 36
samples had pH values from 3.5 to 4.0.

Percentage base saturation was determined for potassium. magnesium., and
calcium and ranged as follows: potassium, 0.6% to 5.7%; magnesium, 1.2%
to 27.9%; and calcium, 1.6% to 67.0%. The data showed that a few steps
should be taken to prepare a substrate that will adequately support plant
growth. First, with regard to texture., the existing subsoils were
generally too sandy. Second, the pH was less than or equal to 5 at most
locations and below 4.0 at several locations. Third, organic matter was
absent. Finally, nutrient availability was low due to low pH.

To remedy the above short comings., two measures were taken. First, the
standards for establishing vegetation on soils with a pH below 4.0 or
containing iron sulfide, dictate that the acid soils are covered with a
minimum of 12 inches of soil having a pH of 5.0 or greater before seedbed
preparation. This prevents acid soils from lTowering the surface water pH,
and provides a viable substrate for plants to grow. Testing for pH and
potential acidity was conducted during construction, to determine if
conditions warranting over excavation and placement of the soil 1ift
exist. The Soil Conservation Service has determined that it is less
expensive and more effective to provide this soil "1ift® than it is to
treat the acid soils with 1ime.
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The second strategy was to cover the mitigation areas with 8 inches of
topsoil. If available, an organic topsoil (wetland topsoil) derived from
the wet excavation of impacted wetlands was used in those portions of the
wetland creation areas that are designed to be semipermanently or
permanently flooded. Organic soils develop naturally under these similar
conditions.

The remaining portions of the wetland creation areas was covered with a
mineral topsoil. Palustrine scrub-shrub and forested wetlands typically
inhabit mineral hydric soils. If sufficient organic soil is not
available, the mineral topsoil will also be suitable in those areas
described above.

- Ground water depths range from about one foot to over fifteen feet below
the existing ground surface in most of the wetland creation areas. In
wetland creation areas situated in existing uplands it was necessary to
excavate down below the existing surface to the water table. In wetland
creation areas situated adjacent to existing wetlands it was necessary to
. excavate the wetland creation areas down to the elevations of the adjacent
existing wetlands.

Wetland areas which were hydraulically designed to have specific maximum
water level (surface elevation) that will maintain specific wetland
vegetation habitats required careful study of the fluctuating water table.
.+ The maximum design water levels were determined by the high ground water
level of the spring season. When the water levels reach the max imum
desired level. water will overflow into adjacent drainage system. Some
highway drainage crossings were removed or modified to facilitate the
wetland creation design.

The upper boundary wetland 1imits was based on the following:

1 Once the wetland areas develop. the ground water is expected to
slightly conform to the slopes of the wetland creation areas,
therefore causing the water table to be several inches higher than in
the open water areas.

2) The soil several inches above the water table will be saturated by
capillary action.

3) Runoff and ground water movement down the slope will tend to make the
bottom of the slope wet.
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As required by the permit, the feasibility of hydraulically connecting
four areas was explored. In general, the four areas each contain a pond.
The ponds are designed to have the same maximum water elevation. The
elevation was selected because this was the highest ground water level
measured for the four areas. and should control the elevations of the
other ponds when connected with equalizer pipes. Equalizer pipes
interconnect the ponds with the same invert elevation. The equalizer
pipes are set one foot from the bottom of the pond to avoid clogging by
siltation. In addition sediment traps were dug at the pipe openings.
These pipes are submerged below the pond surfaces to maintain underwater
corridors between the four ponds. '

A typical scenario of the hydraulics of these four areas, will serve to
explain how they are designed to function. Ground water and surface water
will feed into the areas during a storm. As the water accumulates to the
maximum elevation it begins to overflow through the outlets to the other
areas, the primary outlet and equalizer pipes are sized to accommodate a
100-year storm, but if rainfall is intense enough the water level may
temporarily exceed the overflow. This will cause the areas to flood.

When the rain stops., the water will equalize. Ground water inflow will
help maintain this level.

‘SUMMARY

The awareness of environmental constraints from the planning stage through
construction allows for timely and cost effective projects that are not
halted due to regulatory compliance.

The Rt. 18 project was halted for years but once attention was given to
the controlling environmental conditions the project was final designed
and constructed in less than three years.

Both construction constraints and environmental requirements limit options
for both roadway location. design. and methods of construction.
Constraints. such as naturally occurring acidic soils, also limit
mitigation opportunities or require use of special measures. However, not
all construction constraints need be looked upon as Tiabilities.
Requirements to disposal of roadway runoff and provisions for natural
drainage ways may provide mitigation opportunities by offering sources of
water for creation of wetlands.
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This paper has described the ability of the roadway designer to take
advantage of roadway runoff and to deal with natural contaminant (i.e.
glauconite) as part of a wetland mitigation strategy. This strategy
includes:

early coordination with regulatory and resource agencies.
generation of field data to accurately describe constraints and
their magnitude,

- use of assessment and evaluation tools acceptable to th
regulatory community, and '

- development of a comprehensive mitigation design.

Our experience suggests such a strategy can expedite project approvals and
better assure completion of a project within a reasonable time.
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INTRODUCTION URBAN ENGINEERING AND THE
NEW TECHNOLOGIES

by

D. A. Bruce, Technical Director,
NiCon Corporation, Pittsburgh, PA

ABSTRACT

In the field of urban construction, engineers are being increasingly forced to
resolve difficult problems in situ, and in a timely, cost effective manner.
Such problems have been addressed out of necessity in densely populated areas
in other continents for many years, and as a result, there is available a wide
range of effective and sophisticated techniques from European and Japanese
sources. The paper describes salient details of some of these "New
Technologies", as applied to minimize the environmental impact of major urban
projects involving tunnelling, retaining walls and direct structural support.
As the trend towards redevelopment of our major cities gathers momentum, these
techniques should have a major impact on all aspects of project performance.

1. BACKGROUND

The contracting skills of an engineering community develop in response to the
times and the environment. Many of our largest civil engineering firms
mastered the practicalities and controls of massive earth-moving schemes during
the heydays of dam and highway construction. More recently, structural
engineers have responded to the challenges of oil exploitation: the colossal
platforms, both on- and off-shore, in the world's less hospitable regions are
fitting testimony. At different times, the innovative talents of bridge

engineers, railroad builders and hydraulic specialists, for example, have all
been in particular demand.

One of the major themes in world construction today is infrastructure
development, redevelopment and upgrading. There has been especially intense
activity in transport and sewage projects in both developed and developing
countries: Cairo's current resewerage scheme. for example, involving many
miles of bored tunnels, cut and cover excavations and huge pump stations, is
one of the major engineering projects in the world. In addition. many old and
. dilapidated "inner city" areas are being aggressively redeveloped for

. commercial, residential or recreational purposes. Examples in this category
extend from London's Docklands to Pittsburgh's Golden Triangle, and from
Baltimore's waterfront to St. Louis' railway station.

Irrespective of purpose or geography, there is a common set of factors facing
engineers engaged in such projects.

O Construction must be carried out in heavily urbanized areas with existing
above and below ground structures and services.

O Construction is confined to specific sites within these areas, and so must

accommodate the particular geological conditions. Few major cities are
founded directly on solid rock, and most have extensive artificial fills
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overlying glacial, alluvial or marine deposits in which the groundwater level
is within the depths touched by construction.

O Construction is witnessed by, and directly impacts, the inhabitants of
these areas.

As a consequence, urban construction must resolve the problems of restricted
access, unfavorable ground conditions and environmental compatibility. There
is no room — literally and metaphorically - for the "walk away" solution: 1in
situ solutions must be found since relocation to an easier area is not usually
a viable option. In addition, there is increasing pressure, nationally, that
such solutions must be achieved at minimum cost. As Nicholson (1987) wrote,
"For a long time, America used to have surplus money to 'throw' at problems....
this has not been true for a number of years." Furthermore, the competition
between the growing number of highly competent specialist contractors is

intense, and so cost considerations are crucial from their viewpoint also.

These problems have already been addressed for many years in several countries
of the Qld World and the Far East for many reasons ranging from the need to
repair war damages to the necessity to provide proper facilitles for growing
populations in geographically restricted areas. These countries have fostered
the development of many original geotechnical construction techniques,
popularly referred to in America as the "European Technologies." And, of
course, such techniques have been allowed to mature in contractual and legal
environments that encourage calculated risk while not punitively penalizing
imperfections.

Engineers in the United States frequently debate the reasons that they appear
to be importers of new technologies. and seem to have little innovative impact
on foreign practice. O'Rourke (1987) and Nicholson (1987) both emphasize the
restrictive impact of the unimaginative contractual framework and heavily
litigious atmosphere in America, factors that are unlikely to change elther
favorably or quickly. There is also the fundamental question of necessity and,
in this respect, the exploitation of new technologies is being forced on
American engineers as they face contemporary challenges in several fields, as
well as in urban engineering. Waste containment, dam rehabilitation and
liquefaction control are equally demanding attention at the present time.

The debate on the reasons for the status of American engineering as a net
importer of new technologies need not be restated. Rather, the situation can be
accepted, and American engineers should, therefore, adopt the viewpoint that
they are in a very privileged position. They can afford to be very selective
and highly critical of these techniques with respect to satisfying current
particular requirements - without having to endure the risk and expense of the
development process.

This paper introduces a number of newer developments in geotechnical
construction which have been fostered by the demands of urban engineering. Six
topics are described briefly, for applications in soft ground tunnelling,
retaining walls and structural support. The 1list is not comprehensive., being
1imited to the direct experience of the author and his company and by the space
available. The following techniques are introduced:
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A. Soff Ground Tunneling

(1) Premilling
(11) Grouting

B. Retaining Walls

(1) So0il nailing
(1i) Post grouted anchorages
(1i1) Hydromill diaphragm wall excavation

C. _Structural Support e
(1) Minipiling

The range of techniques and applications is great., but they do share the common
goals of minimizing environmental impact, and optimizing construction time and
safety

2. NEW TECHNIQUES IN SQFT GROUND TUNNELLING

2.1. Premilling

Papers describing the successful development of "predecoupage mecanique"
(Premill) as a specialized tunnelling technique in rock and soils have appeared
sporadically in the French technical press over the last few years, and a
review was presented recently by Bruce and Gallavresi (1988).

In essence, the system comprises a track-mounted frame, of shape corresponding
to the tunnel extrados (Figure 1). Mounted on the frame and projecting out

in front is a large band saw type milling machine about 3m long. This can be
moved around the frame to cut a slot about 120-200mm wide into the ground
around the volume to be excavated. In competent rock this slot is left open,
to optimize the subsequent blasting parameters and performance. In soft ground
the slot is filled immediately with high strength, fast setting concrete, so
forming an insitu arch to minimize decompression effects durgng subsequent
excavation.

The system was evolved in response to the need to absolutely minimize
construction related effects in urban areas involving large diameter tunnels
close to the surface under old and delicate structure. Under such conditions
even the excellent performance afforded by the standard New Austrian Tunneling
Method was not acceptable. The early examples for railroad and Metro
construction in France have been followed by similar contracts for example in
Belgium, Spain, and Italy.

In competent rock formations of up to 250 bar (3500 psi) compressive
strength, the premill is used only to provide a continuous slot around the
volume to be excavated - usually with a drill and blast method. Premilling
provides the following major benefits:
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O less explosives (and blast holes) are required, rendering the entire
blasting operation safer, faster and environmentally more acceptable.

fissuring or decompression occurs in the surrounding rock mass, thus
preserving its virgin properties, and so reducing the demand for subsequent
reinforcement, e.g., with bolts.

there is no overbreak and, therefore, there are associated cost savings in
time, effort and materials.

the smooth profile makes the placing and performance of arches more
efficient.

less contact or consolidation grouting is needed behind the final tunnel
lining.

following blasting, there is a greatly reduced danger from rock falls due
to chimneys of fractured ground developing above the excavation.

the magnitude of vibrations transmitted upwards towards nearby surface
structures is greatly attenuated.

Developments of the technique continue, for example, in special diamond tools,
high pressure water jetting, and increased cutting power, to permit its use in
harder rock formations, faster, and with increased safety.

In soft ground as noted above, the major difference is that the cut slot is
filled with a special concrete mix as early as possible. The advantages are as
identified above for the rock premill, although the prime target is the
elimination of surface settlements induced by the tunnelling.

Each cover, up to 3.5m long, depending on the soil, is inclined slightly
outwards and overlaps the preceding one by 300 to 500mm. The cone is cut in
discrete segments so that the concrete can be placed in each segment, as early
as possible and without having to wait for the whole arch profile to be first
completed. Cutting times for a typical 3m long segment may be as low as one
minute.

The concrete may be placed by dry or wet shotcrete methods. A typical mix
reported by Bougard et al (1979) comprises, per cubic meter of mix:

Cement 450Kg Coarse gravel 650Kg
Sand 560Kg Accelerator 27Kg
Fine gravel 650Kg (Sigunite)

Water, as appropriate,
typically w/c = 0.25 - 0.30

This gives a strength of up to 100 bar (1400 psi) at eight hours. Spraying the
mix into the premilled slot ensures that none of the fine aggregate is lost, as
is the case in conventional NATM applications of shotcrete on open faces. The
concrete in place is, therefore, of superior quality. further enhancing the
performance of the system.
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In comparison with the NATM, there are certain similarities, notably the
overall concept of the support, and the common construction elements such as
shoterete, bolts, and arches. However, the major dissimilarity is that with
premilling the primary lining is placed up to 3m ghead of the face before
excavation, whereas in NATM the lining follows 1 or 2m behind the excavated
face. This greatly impacts the generation and scale of tunnel deformations,
and so the effect on overlying structures. Goer (1982) described a monitored
case history of the relative performance of the two methods in the same

material - Argenteuil marl (Figure 2). Typical properties of this material
were listed as:

Density = 2

Effective # - 20°

Effective cohesion = 0.5 - 1.0 bar
Undrained cohesion = 1.5 bar
Deformation modulus = 500 bar

Three times less settlement was achieved in the tunnel protected by premilling.

Most of the earlier applications have been carried out with the conservative
"divided section" profile. However, excellent results with the "full section”
profile (i.e., cutting a 270° arc and excavation in one pass) in a shallow
circular collector tunnel 3.50m diameter (Departement de la Seine-Saint-Denis,
France), in very difficult ground, encouraged its use in Lot 7 of the Lille
Metro, Belgium. As evident in Figure 3 the performance of the full section
profile was superior, with surface settlements no more than lmm. Prefabricated
base slabs were connected structurally to the premill cover by shotcrete, and
the steel ribs then placed, bearing on the slabs. This system also proved
faster than the divided section approach.

2.2. Grouting

Ground treatment by grouting is hardly a new technique: Charles Berigny
repaired a harbor sea lock in Dieppe. France, in 1802 using basic cement
grouting techniques, whilst the first major US application dates from 1910 and
shaft sinking for the Catskill Aqueduct., New York. Applications in dam
foundation sealing and strengthening were for many years the principal American
market. However, dam grouting in this country stultified as a direct
consequence of restrictive construction practices and unimaginative contractual
procedures. As a result, our industry could not cope with the geotechnical
challenges issued by dam construction on the less favorable sites left in the
last twenty or thirty years. Consequently, major projects were completed
wherein the standard of the grouting executed was, simply, poor and the
effectiveness highly questionable. Such imperfections soon became common
knowledge - although the causes remained uninvestigated: the word soon emerged
that grouting "doesn't work."

Today major Federal dams are being repaired against seepage around or under the
structure by using concrete diaphragm walls - often constructed by the
hydromill excavator, described below. This approach can guarantee an efficient
cutoff, but at significant financial premium over grouting, properly executed.
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This poor opinion of grouting as an engineering tool has permeated the thinking
of those involved in tunneling and deep foundations too, to the extent that
grouting is still regarded by many as a last resort - to be attempted when
everything else has failed. Although understandable, this attitude is patently
unfair and wholly unjustified, in the light of major strides made in the last
decade on the execution and control of grouting works.

In rock grouting, significant advances have been made in techniques (e.g. the
MPSP system of treating difficult rock masses - Bruce and Gallavresi, 1988) and
in materials, (e.g. the use of microfine grouts to penetrate fine fissures
Karol, 1985).

Soil grouting is in an even more dynamic situation, benefitting rapidly from
technological advances made by chemists, physicists, instrumentation engineers,
and geotechnicians. Many of these developments have been associated with
tunneling in urban areas, principally for subway or sewer projects. The aim
has been to provide better aids to speed progress, improve safety and minimize
associated settlements. This aim has been so efficiently achieved in Europe
and the Far East that grouting is there incorporated routinely, abinitio, as an
integral part of the process.

Bruce and Boley (1987) summarized four categories of soft ground grouting
(Figure 4), and for most purposes only the following three have validity for
work in urban areas, in U. S. practice.

O Compaction grouting is a specialized "uniquely American" process that has
been used since the early 1950s (Baker et al, 1983). Very stiff soil-cement
mortar is injected at high pressures (up to 35 bar (500 psi)) at discrete
locations to compress and increase the density of soft, loose or disturbed
solil. Unlike the case of hydrofracture grouting, the grout forms a very dense
and coherent bulb that does not extend far from the point of injection.
Near—surface injections result in the lifting of the ground surface (the
technique of slab jacking as described, for example, by Bruce and Joyce, 1983)
and, indeed, the earlier applications were used exclusively for levelling slabs
and light buildings on shallow foundations (Warner, 1982). Prior to the Bolton
Hill Tunnel project, compaction grouting had been used in the Baltimore subway
project to correct settlement problems caused by subway tunnel construction -
but only after the tunnel had been completed and settlement of overlying
buildings had occurred (Baker et al, 1983). However, the Bolton Hill project
marked a fundamental change, in that compaction grouting was conducted during
the excavation of the tunnel, at locations just above the crown. In this way,
major surface settlements were prevented from devleoping at the source.
Although compaction grouting has practical and technical limitations, its
popularity is growing, mainly as the result of the well-researched (and
publicized) Bolton Hill project. However, its application should be most
carefully reviewed when dealing with tall structures or buildings that can
tolerate only the smallest differential movements. Under such conditions, it
is imperative to attack the cause of the settlements at the source. and prevent
them from migrating away from the excavation. Permeation or replacement
grouting is then necessary.

The techniques involved in permeation grouting are the oldest and best

researched. The aim of the method is to introduce grout into soil pores
without any essential change in the original soil volume and structure. The
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properties of the soil, and principally the geometry of the pores, are clearly
the major determinants of the method of grouting and the materials that may be
used (see Figure 5). Excellent reviews of the subject are provided by the
FHWA (1976), Cambefort (1977), Karol (1983), and Littlejohn (1983). Other
permeation grouting methods, principally from Japan, are described in an
earlier study (Bruce 1984).

0 Replacement grouting is the youngest major category of ground treatment.
According to Miki and Nakanishi (1984), the basic concept was propounded in
Japan in 1965, but it is generally agreed that it is only within the last 10
years that the various derivatives of jet grouting have approached their full
economic and operational potential. Its development was fostered by the need
to thoroughly treat soils from gravels to clays to random fills in areas where
major environmental controls were strongly exercised over the use of chemical
(permeation) grouts and allowable ground movements. As indicated in Figure 5
jet grouting can be executed in soils with a wide range of permeabilities.
Indeed, any limitations with regard to its applicability are imposed by other
soil parameters (e.g., the shear strength of cohesive soils or the density of
granular deposits).

The ASCE Geotechnical Engineering Division Committee on Grouting (1980) defined
jet grouting as a "technique utilizing a special drill bit with horizontal and
vertical high speed water jets to excavate alluvial soils and produce hard
impervious columns by pumping grout through the horizontal nozzles that jets
and mixes with foundation material as the drill bit is withdrawn." TFigure §
depicts one particular type in which the soil is jetted by an upper nozzle
ejecting water at up to 600 bar (8400 psi) inside an envelope of compressed air
at up to 12 bar (170 psi). The debris is displaced out of the oversized hole
by the simultaneous injection of cement-based grout through a lower nozzle (up
to 70 to 80 bar). Other simpler variants utilize only grout jetting alone to
simultaneously erode and inject, giving much more of a "mix in place" action.

Most jet grouting is conducted to provide circular columns, but panels or
membranes can be cut in the ground by omitting rotation during the withdrawal
of the tool: the nozzles then act monodirectionally.

In permeation grouting major new trends are evident in

(1) Methods - e.g. powerful diesel hydraulic drilling rigs capable of '
drilling quickly in restricted conditions through difficult ground to
depths of over 60m if necessary.

(2) Materials - new families of stable, microfine cement-based grouts, and
high-strength low viscosity chemical grouts which do not creep or synerise.
(Tornaghi et al 1988).

(3) u a a ontrol - Throughout the grouting industry, the use
of computer-aided devices as monitors and controls over grouting operations
in the field is increasing. This growth is reflected in several of the
papers presented at the "Issues in Dam Grouting." session of the ASCE
Convention, Denver, 1985. The most effective of these instrumentation
systems, as far as injections are concerned, is similar to the electronic
PAGURO system of centralized monitoring and grouting control that has been
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developed in Italy. This system displays in real time numerically and
graphically the full injection characteristics of each pump (the setting of
which remains under manual control). It thereafter gives a printout
summary of each sleeve injected (including volume, maximum and average
pressures, flow rates and time). Such data then provide the basis for the
technical review of the grouting conducted (e.g., grout take analyses) and
the quantities of work executed, for payment purposes. Clearly, the
investment in such sophisticated equipment is economically justifiable only
in projects of appreciable scale and/or complexity such as the Mllan subway
(Fairweather, 1987).

Most recently, however, a major break-through has been made in Italy in the
exploitation of instrumentation for soil investigation and grout parameter
design. The sensors of the PAPERO system for drilling investigation
continuously record the drill penetration rate, rotational speed, thrust,
torque and flush pressure encountered in drilling a certain exploratory
hole. These data are combined to give a single unified factor - specific
energy. Thereafter, the computer relates this factor to ground type, and
prints out a geological log with boundaries at 100mm intervals (see

Figure 7). This geological log permits optimization of the subsequent
drilling and grouting parameters as well as furnishing invaluable
information to the tunnelling contractor in that potentially dangerous
conditions (e.g., sand runs) can be closely predicted. The accuracy of the
geological log has proved exceptional given the conditions of the Milan
subway project (mixed gravels, sands and silts to over 25 m in depth) and
groups of three investigatory holes have been routinely drilled at about 6m
intervals from the pilot tunnel along much of its length.

The key to the accuracy is obviously the ability of the computer to relate
specific energy with ground type. This accuracy has been achieved by
conducting statistical analyses of the specific energies recorded at
discrete depth intervals, in correlation with visual observations (from
core samples) of the ground type. In this way, the influence of depth on
in situ ground properties as well as other factors such as the hydrological
regimes and borehole inclinations are accommodated, which is not the case
in other, less successful systems of drilling parameter analyses.

Similar advances are being made in jet grouting to the extent that major
Metro tunnels have been constructed through soft marine clays in Singapore
(Mongilardi and Tornaghi, 1986) and railway embankments have been founded
on highly compressible peats, stabilized by grouting (De Paoli et al 1988).

In this country, perhaps about 50 projects involving jet grouting have been
completed to date by a handful of specialists. If some of these projects
have not had entirely satisfactory outcomes, this reflects the decision to
employ the technique for the wrong application, and occasionally it
reflects the inexperience of the operators and engineers involved.

Nevertheless, it can only be concluded that the significant advances made
in grouting over the past ten years offer U. S. engineers an extremely
versatile, controllable and effective tool in minimizing environmental
impact in urban construction.
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3. NEW TECHNIQUES IN RETAINING WALLS
3.1. Sodl Nailing

Soil nailing is one of the family of insitu soil reinforcing techniques
summarized by Bruce and Jewell (1986-1987). It comprises steel reinforecing
elements grouted into horizontal or sub-horizontal holes drilled into the cut
face of the excavation as it proceeds downwards in stages. The inserts improve
the shearing resistance of the soil by being forced to act in tension. They
clearly differ from the nature and mode of action of the other members of the

family (Figure 8), namely reticulated micropiles and large diameter soil
dowels.

The history of development in the three principal countries of origin, namely
France, Germany and the United States, is fascinating and encompasses almost
two decades of often erratic progress. Suffice it to note that today soil
nailing is one of the fastest growing geotechnical construction techniques
within North America, and has enjoyed a boom since the execution of the
foundation excavation for the PPG Building in Pittsburgh, Pennsylvania, in 1982
(Nicholson and Boley, 1985).

This upsurge in interest is reflected in the publishing of the National
Cooperative Highway Research Program (NCHRP) Report 290 in 1987 on all types of
insitu reinforcement and the attention paid to it at the ASCE Atlantic City
Ten-year Update Symposium, also in 1987. On the experimental side, FHWA
research contracts were let in 1985 for additional fundamental laboratory and
field tests, leading to the issue of a formal design manual in 1989.

The standard sequence of construction is illustrated in Figure 9 - basically
it is a cyecle of excavate-spray with shotcrete — nail, and so on. Detailed
case histories are provided by Louis (1987) and Bruce (1988) amongst others.
Special attention must be paid to drainage of the face and soil mass during and
after construction, and to corrosion protection of the inserts in permanent
applications.

Design is complex and there seems to be no "best" method, although the
kinematical 1imit analysis proposed by Juran and Beech (1984) seems consistent
with observed structural performance.

There is a wealth of experimental and construction data on the performance of
s0il nailed excavations in urban settings. Most significantly, Juran and Elias
(1987) concluded that post-construction observations in non-plastic soils have
shown that after the end of construction, ground movement and facing
displacement (maximum at the top) do not typically exceed 0.3% of the total
excavation depth and one rapidly stabilized. This puts soil nailing very
firmly in Pecks (1969) Category I of excavation performance.

Soil nails differ from ground anchorages in several aspects:
a) Nails are fully bonded to the soil over their entire length.
b) Nails are not prestressed.

c) Nails are relatively closely spaced e.g. 1 per 1.5 to 2.5 square meters of
face, to generate the soil mass-insert interaction.
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d)
e)

High loads are not transmitted to the head of the nail at the cut face.
Therefore, there is no need for elaborate bearing plate arrangements.
Nails are shorter (typically 50-100% of excavation depth depending on the
soil) and so need only relatively light and mobile drilling equipment
capable of drilling up to 150mm diameter holes. However, if overall
stability calculations indicate a problem to be deep seated then
prestressed anchorages will most probably be required either as the only
retaining element or compositely with the nailed structure.

It is important to note well the benefits and limitations. In the former
category, there are '

0

. BEconomic advantages: where nailing is possible technically. it is typical

" to find that the cost savings for excavations on the order of 10m deep are 10

to 30 percent, relative to the use of an anchored diaphragm or Berlin wall.
These projected savings are supported by the reported savings of 30 percent
on a soil nailed excavation in Portland, Oregon, (ENR) 1976.

Construction equipment:  drilling rigs for reinforcement installation and
guns for shotcrete application are mobile, quiet and relatively small in
size. Their use is highly advantageous in urban environments, where noise,
vibration or access may pose limits on the type of equipment that can be
used.

Construction flexibility: soil nailing can proceed rapidly and the
excavation can be shaped easily. It is a flexible technique, readily
accommodating variations in soil conditions and work programs as excavation
progresses.

Performance: field measurements indicate that the overall movements
required to mobilize the reinforcement forces are surprisingly small.
Furthermore, nailing is applied at the earliest possible time after .
excavation, and in intimate contact with the cut soil surface, thus
minimizing any disturbance to the ground and the possibility of damage being
caused to adjacent structures. This "early support"” also allows the natural
undisturbed properties of the soil to be exploited to advantage. As
demonstrated by Gassler and Gudehus (1981), nailed structures can withstand
both static and dynamic surcharge loading without excessive settlements if
properly designed.

Major practical limitations are:

0

Soil nail construction requires the formation of cuts generally 1 to 2m

high in the soil. These cuts must then be capable of standing up unsupported
for at least a few hours, prior to shotcreting and nailing. The soil must,
therefore, have some natural degree of "cohesion" or cementing. Otherwise,

a pretreatment such as grouting may be necessary to stabilize the ground
immediately behind the face.

A dewatered face in the excavation is desirable for soil nailing. If the
ground water tries to percolate through the face. the unreinforced soil will
slump locally on initial excavation making it impossible to establish a
satisfactory shotcrete skin.
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® Excavations in soft clay are also unsuited to stabilization by soil _
nailing. The low bond resistance possible in soft clay would require a very
high density of in situ reinforcement of considerable length to ensure
adequate levels of stability, while creep will also affect performance.
Bored or jet grouted piles, or diaphragm walls with anchorages are more
suited to these conditions.

3.2. Post-grouted Anchorages

Prestressed ground anchorages have been employed throughout the world since
1934. They were introduced into the States during the 1960s and were used
initially only as temporary excavation support, although many of the
applications were in major urban excavations in very variable soil (Figure
10). Such ground conditions may give rise to very low . grout/ground bond
values or significant creep amounts in service. In addition, erratic anchor
behavior can occur, due to subtle local variations in the soil.

To increase bond capacity (and, therefore, reduce anchor length and cost), to
reduce creep, and to regularize anchor performance in such soils, post-grouted,
or regroutable, anchorages have been developed in Western Europe. Their
relationship to conventional anchorage types is best illustrated in the British
Code of Practice BS 8081 which defines four types (Figure 11).

Type A anchorages: consist of tremie (gravity displacement), packer or
cartridge grouted straight shaft boreholes, which may be temporarily lined
or unlined depending on hole stability. This.type is most commonly
employed in rock and very stiff to hard cohesive deposits. Resistance to
withdrawal is dependent on side shear at the ground/grout interface.

Iype B anchorages: involve low pressure (typically grout injection
pressure py < 10 bar (140 psi) grouted boreholes, where the diameter of
the fixed anchor is increased with minimal disturbance as the grout
permeates through the pores or natural fractures of the ground. This type
is most commonly employed in weak fissured rocks and coarse granular
alluvium, but the method is also popular in fine grained cohesionless
solls. Here cement-based grouts cannot permeate the small pores but under
pressure the grout compacts the soil locally to increase the effective
diameter and enhance the shearing resistance. Resistance to withdrawal is
dependent primarily on side shear in practice, but an end bearing component
may be included when calculating the ultimate capacity.

es: feature boreholes grouted to high pressure (typically
P1 > 20 bar (280 psi)), via a lining tube and packer (i.e. sleeved pipe
system). The bond zone is enlarged by hydrofracturing of the ground mass
to give a grout root or fissure system beyond the drilled diameter of the
borehole after initial stiffening of primary grout placed as for Type B
anchorages (Figure 12). A relatively small quantity of secondary grout
is needed. Continuous flow or a sudden drop on initial injection pressure
might indicate hydrofracture after which only relatively limited pressures
can be achieved.

Post-grouted anchorages of this type are commonly applied in fine
cohesionless soils, whilst increasing success has also been achieved in
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stiff cohesive deposits. Design is based on the assumption of uniform
shear along the fixed anchor.

TIype D anchorages: consist of tremie grouted boreholes in which a series
of enlargements, either bells or underreams, have previously been formed.
This type is employed most commonly in firm to hard cohesive deposits.
Resistance to withdrawal is dependent on side shear and end bearing,
although, for single or widely spaced underreams, the ground restraint may
be mobilized primarily by end bearing. Such anchorages are becoming less
popular, having been superseded by the post-grouted types.

For the design of post-grouted anchorages in cohesionless soils, calculations
are based on design curves created from field experience in a range of soils
rather than relying on a theoretical or empirical equation using the mechanical
properties of a particular soil. In alluvium. for example, test results (Jorge
1969) have indicated in boreholes of 100 to 150mm diameter, ultimate load
holding capacities 9 to 13 tons/m of fixed anchor at a grouting pressure of 10
bar (140 psi) and 19 to 24 tons/m at a pressure of 25 bar (350 psi).

In more recent years, design curves for post-grouted anchorages have been
extended through proving tests in Germany (Ostermeyer, 1974). For sandy
gravels and gravelly sands, it has been found that the ultimate load increases
with density and uniformity coefficient. The results of a large number of
fundamental tests are shown in Figure 13, which can be used as a design guide
for borehole diameters of 80 to 160mm. Skin friction increases with increasing
consistency and decreasing plasticity. The technique of post-grouting is also
shown to generally increase the skin friction of very stiff clays by some 25%
to 50%, although considerably greater improvements are claimed for stiff clay
of medium to high plasticity. Ostermeyer also found that there was a steady
increase in skin friction as the post-grouting pressure was increased up to 30
bar (420 psi).

m Wa ccavation

Diaphragm walling (slurry trenching) is another technique which can hardly be
described as new to these shores. For example, Saxena (1974) described the
construction of the massive wall built for the World Trade Center foundation
excavation in New York in 1968/69. There are a number of reputable specialist
companies operating throughout the country, although most of the activity has
so far been in the Northern and Eastern States.

The principle of the technique is well-known: a trench, typically 600-1000mm
wide and 2.5 to 3m long, is excavated vertically by grab, to the required
depth. The trench is maintained filled with bentonite slurxry to keep it open
during excavation. After excavation is complete a steel reinforcing cage is
usually placed in the panel and the bentonite slurry then displaced out of the
trench by concrete tremied into the trench from the base up. In this way,
insitu reinforced concrete panels are formed in the ground. During
construction of the wall, alternate panels are excavated and cast (Primaries).
When concrete has reached a certain strength, the intermediate (Secondary)
panels are formed contiguously, thus forming a continucus wall in the ground.
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Removal of the soil on one side of the wall follows, leaving the diaphragm
exposed, to act as a retaining wall or as the support of a deep excavation.
Most commonly prestressed anchors are installed through the wall to provide
" shoring.

Excavation is carried out by a clamshell bucket. either rope suspended or
operated from a KELLY bar. Diaphragm walling in this way has always
experienced problems with:

O The presence of major boulders.

© The difficulty of "toeing" into rock.

O Making joints between adjacent panels watertight.

© The handling and disposal of bentonite slurry and waste material -
o especially in city sites. .

Restricted depth capacity (say 50m).

In addition, the drive for increased productivity and the need to have a
technological 'edge' on the competition are always constant spurs to
developments. :

Less than 15 years ago, the hydrofraise excavating machine began to be
developed in France. (Figure 14). Called the hydrofraise by the French
specialists Soletanche, it comprises a steel frame also serving as a guide, on
which are mounted two cutting wheels, hydraulically powered, and rotating in
opposite directions. The wheels have tungsten carbide teeth. A third
down-the-hole motor operates a reverse circulation mud pump located above the
wheels which carries the excavated debris. in the bentonite slurry, to the
surface. The "dirty" mud is cleaned there and returned out the top of the
trench. The guide frame is attached to the crane operated cable from which it
is suspended by a hydraulic feed cylinder which can be controlled a) to give a
constant rate of advance or b) to maintain a constant weight on the cutters
(16-20 tons maximum).

The cutters can readily chew into the concrete of adjacent primary panels thus
ensuring excellent joint properties. They can penetrate all kinds of soil and
rock with compressive strengths of up to 1000 bar (14,000 psi). The absence of
vibration and shocks, plus the self-contained debris and slurry handling system
makes it ideal for urban sites. Overbreak is also less. than for conventional
systems (less than 10%) and verticality can be controlled and corrected to less
than 0.2% if required. :

Standard panel sizes are shown in Figure 15. About 20% of the 600,000 square
meters excavated by hydrofraise throughout the world has been conducted in the
US, with the greatest proportion being on three major Federal dams. On one -
Navajo Dam, New Mexico - a world record depth of almost 120m was reached,
including up to 60m in bedrock (Fairweather. 1987). Other excellent and
typical case histories include shafts for the Channel Tunnel, France (Evers and
Hovart 1988) and deep excavations for a nuclear power station in England (Anon,
1988) and for Baltimore-Harbor Place Building (Soletanche 1987).

Production rates can be very high and quoted figures run from 120 square

meters/shift in tough alluvium and hard limestone in Paris (Soletanche, 1980),
to 40 square meters/hour in dense sands and clay in England (Anon, 1988).
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The hydromill is an expensive machine to buy and operate but has clearly
several major advantages over conventional diaphragm walling methods. Its
speed reduces unit costs, and any cost premium still remaining can often be
offset against the environmental bonuses it offers.

4. NEW TECHNIQUES IN STRUGTURAL SUPPORT
4.1. Minipiling

It is now almost 40 years since the technique of minipiling was first applied
in Italy (Koreck 1978, Weltman 1987, ASCE 1987). Following the lapse of the
early patents, there has been a tremendous growth in the market volume
particularly in the cities and industrial centers of W. Europe and S. E. Asia.
In this country the start was much later but the expansion has been equally
dramatic in the last five years or so. as rebuilding and redevelopment of our
older cities picks up momentum. Indeed it is the author's observation that
there is probably a greater intensity of minipile activity in Boston,
Massachusetts, and New York City than in any other cities in the world. (Bruce
1988)

Minipiles are cast in situ bored piles rarely more than 300mm in diameter and
30m deep. A fundamental feature is their ability to be constructed by :
equipment of the type used for anchoring and grouting works, as opposed to that
needed for conventional bored or driven piles. ‘

Minipiles can be constructed to considerable depths through all types of soil,
rock and obstructions, and in virtually any direction. They have a high
slenderness ratio and so transfer load almost wholly by shaft friction,
eliminating any requirement for underreaming at the base to enhance end
bearing. All feature substantial steel reinforcing elements and so can sustain
axial loading in both senses. The reinforcement can also be designed to resist
bending stresses safely and with minimal displacement.

The construction steps (Figure 16) are characterized by equipment ensuring
minimum vibration, ground disturbance and noise, and capable of operating
efficiently in awkward and restricted access and working conditions. Thus,
although their nature may result in them being lineally more expensive than
conventional driven or large diameter piles, they may be the only guaranteed
solution given a particular set of ground, site, program and performance
conditions. -

Regarding their service behavior, minipiles exhibit relatively high carrying
capacity (for their diameter) and very small settlements. Piles installed
wholly in soils can be constructed to provide safe working loads approaching
100 tons, whereas recent work in Boston (Johnson and Schoenwolf, 1987) and New
Jersey, (Bruce 1988) shows that when founded in rock, safe working loads two or
three times that figure can be sustained.

Load holding capacity can be improved substantially by the post-grouting
techniques described earlier as used for anchors. Settlements to structures
being underpinned can be almost eliminated by preloading the piles to working
load - by prestressing - so that no fuvther pile movement occurs when the
structural load is finally applied.
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Another very significant feature involves the consideration of interpile
spacings with respect to pile group performance. For example, the British Code
of Practice (CP2004, 1972) states that for "friction piles, the spacing center
to center should not be less than the perimeter of the pile." On the other
hand, test information (Plumelle, 1984) shows that closely spaced minipiles,
especially when inclined, interfere positively, as illustrated in Figure

17. Undoubtedly there is a soil structure reaction, as in insitu reinforcing,
which is being exploited with excellent results in tunnel related applications

(Figure 18). '

Overall, therefore, minipiles are an excellent option for upgrading or
replacing existing foundation to sustain increased structural loadings, or to
help them resist additional settlements arising from adjacent new constructions
such as tunnels or deep excavations. They are also finding increasing
application as support for new foundations bearing on very difficult geologic
profiles which would render conventional piles or caissons exceptionally
difficult or very costly to install.

5. FINAL REMARKS

These brief introductions to various ground engineering techniques which have
been developed primarily for construction in urban areas highlight that we have
considerable power at our fingertips. These techniques cannot be described
merely as "having potential" - their potential has been realized and exploited

in the countries of origin to the extent that in this country we now have
access to tried and proven systems of major relevance.

It can only be hoped that practitioners in this country will be more willing to
employ "new technologies" than they have generally been in the past. It is

recognized, however, that such innovation must be pushed through in the face of
our litigious atmosphere which certainly gives no encouragement in this respect.
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ABSTRACT

Soil bioengineering is the practice of applying 11v1ng vegeta-
tion, primarily cut woody plant material, as the major struc-
tural component in land stabilization. The live plants or cut-
tings may be used in conjunction with inanimate structural
members such as wood, stone or synthetic fabrics. Soil bloengl-
neering systems functlon immediately upon installation to rein-
force the soil and act as barriers to surface erosion. As the
plants develop a root system, the overall shear strength of the
unit is increased. Excess moisture in the soil is removed by
transpiration. With continued growth the plants improve the
"environment for the natural invasion of the surrounding plant
community, and provide a renewable source of plants for future
local soil bioengineering projects.

In March, 1984, the North Carolina Division of Highways' Geo-
technlcal Unit contracted with Soil Bloenglneerlng Corporation
to develop a Preliminary Reconnaissance Report for soil bioen-
gineering solutions at ten sites typical of the shallow land-
slide and erosion problems that are widespread along North
Carolina highways. In December 1985, it was decided to estab-
lish a demonstration progect to repair a fill slope on highway
NC 126 in McDowell County using soil bioengineering technology.
The Federal Highway Administration (FHWA) showed considerable
interest in this technlque and encouraged the Division of High-
ways to pursue this repair work.

The demonstration site selected was a 870 foot long £fill slope
with a maximum height of 60 feet, that was built in 1980 - 1981
on a slope ratio varying from 1. 5 : 1 to2:1 (H: V). Soil
Bioengineering Corporation was contracted to develop the con-
struction plans and specifications, and provide on-site consul-
tation and instruction durlng the construction phase. Several
different soil biocengineering systems were designed into the
project to satisfy the slope conditions. Systems employed in
the design were: cut brushlayers, fill brushlayers, live fas-
cines, live stakes and live cribwall.

PrOJect construction began on October 27, 1987, with N.C. Divi-
sion of Highways' Maintenance Unit providing the labor. The
soil bloenglneerlng technique is a labor intensive operatlon
requiring the use of hand tools in both the harvesting and in-
stallation processes. Installation must be accompllshed during
the dormant season. Although several plant species were used,
" black willow (Salix nigra) was the best suited to the site
environment. Planting was completed on April 2, 1987. Growth in
the spring and summer of 1987 was spectacular. Plant shoots
from new growth exceeded 8 feet in length with stems as much as
1 1/4 inches in diameter. The entire slope is presently very
well vegetated, stable and performing as expected.
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Introduction

North Carolina has been plagued with numerous shallow 1land-
slides, slumps, sloughing and erosion on both cut and fill
‘'slopes throughout the state. 1In March 1984, the Division of
Highways' Geotechnical Unit contracted with Soil Bioengineering
Corporation to develop a Preliminary Reconnaissance Report for
'soil bicengineering solutions at ten sites in North Carolina
typical of the shallow slide and erosion problems. Soil bioen-
gineering is the practice of applying living vegetation singu-
larly or -in conjunction with inanimate structural members such
as wood, stone or synthetic materials, to stabilize earth
structures. The so0il biocengineering systems function immedi-
ately as soil reinforcing units and as barriers to surface ero-
sion. In time, roots and shoots develop, forming an addition-
ally strengthened earth reinforcing matrix within the soil
mantle itself, and a vegetative cover. The roots or fibrous in-
clusions can greatly increase the shear strength of soils and
the resistance to sliding. The systems grow stronger with age,
they encourage the natural invasion of a diverse and stable
plant community and cause the land to become as self-supporting
as possible. .

In December 1985, after reviewing the Consultant's Preliminary
Report, it was decided to establish a demonstration project to
repair a fill slide on NC 126, using soil biocengineering tech-
nology. The F.H.W.A showed considerable interest in this tech-
nique and encouraged the D.0O.H. to pursue this repair work. In
May 1985, an F.A. Rural Secondary project was programmed to
proceed with the repair work.

Project Site

The demonstration site was an approximately eight hundred and
seventy (870) foot long fill slope on NC 126. Generally, the
east-west running slope has a southern exposure. The maximum
height was approximately sixty (60) feet, with a one hundred
(100) to one hundred twenty (120) foot face. This £fill section
was constructed in 1980-1981 with the slope varying from 1.5:1
to 2:1. The slope began to slide and erode soon after construc-
tion and was repaired several times. At the time a decision
was made to repair the slope, sliding and erosion had progress-
ed to the point of undermining the guard rail posts at several
locations and encroaching on the pavement structure.
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Plan Development

Soil Bioengineering Corporation of Marietta, Georgia was con-
tracted to develop preliminary construction plans, procedures
and specifications for the project. The Design Contract was to
be accomplished in two (2) phases. Phase I was the "Design Re-
port" submitted April 29, 1986, which defined:and evaluated the
site from a soil bioengineering systems viewpoint and compared
the cost to an appropriate conventional repair system. The -
report describes and illustrates each soil bioengineering sys-
tem: and ‘its intended function to stabilize the slope. The
document also provided estimated quantities and cost for the
proposed repair work.

The "Construction Document", Phase II, submitted June 1986,
included a standard set of construction plans. These served as
the guide for project construction. The document included:
scope of work, definitions of terms, descriptions of wvarious
soil bioengineering systems, plant harvesting, installation
procedures and detailed drawings of the soil biocengineering
systems. The site was divided into three major areas with
particular soil bloenglneerlng systems to be installed in each
area. The following is a brief description of the areas and
the soil bioengineering systems installed:

Area 1 (Station 18+50 to 20+50)

The slope at the western end is 2:1 with a maximum height of
approximately forty (40) feet, and is moderately stable
except for a circular slump. This area also had a twelve
(12) to twenty-four (24) inch scarp, in the lower portion of
the slope face between Station 19+00 and 19+60.

Soil biocengineering systems installed included live staking,
live cribwall, cut brushlayers and live fascines.

Area 2 (Station 20+50 to 24+00)

The slope is 1.5:1 with a maximum height of approximately
sixty (60) feet. It was very heavily eroded with signs of
previous sliding. :

Soil biocengineering systems installed were fill brushlayers,
reinforced brushlayers, live staking and rooted plants.
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Area 3 (Station 24+00 to 27+20)

The slope at the eastern extremity is 1.5:1 to 2:1 with a
maximum height of twenty-five (25) feet. This area had
cracks in the upper slope that paralleled the roadway, ap-
proximately <three (3) to five (5) feet outside the guard-
rail and one (1) foot deep. The toe of the slope is forti-
fied with natural existing tree vegetation.

Soil biocengineering systems installed were cut brushlayer,
live fascine and live staking.

Phase III of the project was the construction phase. Soil Bio-
engineering Corporation provided the on-site consultation and
instruction. All work was to be accomplished using state forc-
es from Division 13 Maintenance and Landscape Units.

Pre-Construction

A pre-construction meeting was held on October 20, 1986 at the
NC DOT, 13th Division Office in Asheville. Present at the meet-
ing were supervisory personnel from the 13th Division, Dis-
trict, Landscape Unit, Geotechnical Unit, and Soil Biocengineer-.
ing Corporation. Prellmlnary work 1nc1uded constructlng a haul
road to the toe of the embankment, lnstalllng erosion control
units, improving drainage and removing loose saturated soil
from the toe of the slope. This work began on October 22, 1986,
and was to be performed six (6) days per week with the project-
ed project completion date of January 16, 1987. A teaching
slide presentation was made to all supervisory personnel. The
intent of this presentation was to describe in detail the vari-
ous soil biocengineering systems and preparation techniques for
the individual installations.

Construction

Actual soil biocengineering production work began on October 27,
1986. The construction period was often hampered by rains.
Harvesting of the cut plant material began on Monday, October
27, and by Thursday a sufficient quantity of cuttings was a-
vailable for placement of the first fill brushlayer terraces in
Area 2.
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The project was scheduled to be completed by January 16, 1987.
Working a six (6) day work week, less holidays, provided sixty-
six (66) working days for completion of the project. Generally
limited work was accomplished on Saturdays. The time estimate
was based on using thirty (30) employees. The completion date
-.of January 16, 1987 was not met. Due to poor weather condi-
tions, .only thirty-eight (38) working days were used by that
date. Planting was finally completed on April 2, 1987, which
was seventy-five (75) days from the first day of planting,
Thursday, - October 30, 1986. Work after April 2 consisted of
conventional operations, such as paving the shoulder, replacing
the guard rail and curbing .installation. These activities re-
quired four (4) working days.

The soil biocengineering technique is a labor intensive opera-
tion that requires the use of hand tools in both the harvesting
and installation process. Production was slowed several times
because the Maintenance Unit had to perform its normal func-
tions, such as snow and ice removal, guard rail repair, clear-
ing fallen trees or removing slide debris from roadways. The
project would have been completed more efficiently if all per-
sonnel working on the project had not also had other work re-
sponsibilities. S

The average number of daily workers, including on-site supervi-
sory personnel, was approximately twenty-four (24), but it var-
ied between twelve (12) and thirty-five (35) for most of the
construction period.

Harvesting-related activities required approximately half of
the man-hours consumed. These activities included locating har-
vesting sites, securing permission to harvest, sometimes im-
proving access to the harvesting site, the actual harvesting of
the plant stems and transportation to the construction site.
Harvesting sites were a considerable distance from the project
and as sites became depleted, new sites were located.

Installation related activities were also quite 1labor inten-
sive. While a small John Deere bulldozer was used to prepare
the fill brushlayer terrace lifts in Area 2, terraces for cut
brushlayers and live fascine trenches were dug with shovels.

Typically, plant material delivered to the site consisted of
bundles containing long live stems or brush. The average truck
load contained forty (40) bundles. Using these estimates, the
quantities of plants installed in each area are given below.
Additional cuttings were needed to correct brushlayers in Area
1 and 3 that were incorrectly installed.
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Length Bundles

Area 1
Cut Brushlayers 600 Lin. Ft. 0.7 bundles/Lin. Ft. 420
Live Fascines: 570 Lin. Ft. 0.2 bundles/Lin. Ft. 115"
Live Stakes 1,500 stakes estimated

© . Live Cribwall: 40' long 8 layers - stepped’ 80
Area 2
Fill Brushlayers 5,483 Lin. Ft. 1.36 bundles/Lin. Ft. 7,450
Rooted Plants 3,000
Live Stakes 2,500 stakes estimated
Area 3
Cut Brushlayers 1,315 Lin. Ft. 0.7 bundles/Lin. Ft. 920
Live Fascine 1,514 Lin. Ft. 0.2 bundles/Lin. Ft. 300
Live Stakes 3,000 stakes estimated

In addition to the above live stems or brush, quantities of
lime, fertilizer, grass seed and jute mesh were used.

Selected £ill brushlayers were reinforced, using a six and one-
half (6.5) foot wide layer of Tensar Geogrid on the terrace be-
fore placement of the plant cuttings. The large openings in the
Tensar should allow for root development through the openings

and into the socil. This added additional reinforcement +to the

soil in the £ill slope.
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Site Analysis - 6 Months

The site looks very good overall with the 1living cut plants
predominantly of willow. It was difficult to determine the dif-
ferent species on the site, due to the dense growth of vegeta-
tion, which made it difficult to walk on the. slope and evalu-
ate. . The cut brushlayers in Area 2 are growing very well and
have the best appearance overall. Growth is uniform and dense.
Alder, dogwood and privet were also observed at this time.

All species of rooted plants, especially the black locust, are
growing very well with some plants now over eight (8) feet
tall. Most of the grasses, except for the clover, appear to
have died out. _

In Area 1, near the top of the slope, there is a noticeable
yellowing of the leaves on several black willow plants and
scattered others; less than a dozen total have died. This is
probably the result of below normal rainfall this summer, which
caused some drying in the upper part of the slope in Area 1.
Plant embedment length in this section is short compared to the
fill brushlayers in Area 2 that are performing so well.

Plants in Area 3 are also growing well. No dead or dying plants
were observed and, while growth is not as pronounced as in Area
2, it is better than in Area 1, which was poorly installed.

Some black willow growth from live stakes now exceeds eight (8)
feet in height and one and one-quarter (1.25) inches in diame-
ter at the base.

System Evaluation

All of the soil biocengineering systems employed could be used
to control erosion and to stabilize heavily eroding slopes. An
analysis to determine the proper system to employ in a given
situation is most critical. Equally critical is the proper
installation of the system. Even the simplest system, live
staking, can easily be installed incorrectly. For example, live
stakes must be tamped to the proper depth with the growing tip
facing upward.
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Live Staking System

This is the simplest and least expensive system to install and
should be employed on a slope before erosion problems start. It
should be part of a routine slope maintenance program.

Brushlayering System

.- This includes both brushlayers cut into a slope and used in a
" conventional fill situation where additional soil must be added
to the slope face. This system works very well as porous filter
units to control surface erosion from heavy rains during and
after construction. This was observed during construction when
four and one-half (4.5) inches of rain fell in a three (3) day
period. The brushlayers prevented erosion of the loosely com-
pacted fill material placed in the £fill brushlayer system. in
Area 2. Areas of the slope where systems had not been installed
experienced large soil flows and earth failures.

Installation of the brushlayering system requires considerably
more careful planning than does live staking. The application
is quite different and more complicated but offers immediate
soil reinforcement and surface protection.

Live Fascine System

This system serves as a pole drain immediately after installa-
tion to control and direct surface runoff. It is useful to
prevent erosion at specific locations. The root system which
develops from the live fascine serves to strengthen the slope
by placing roots or fibrous inclusions in the soil mantle.
These act as reinforcements in arching and buttressing units.
Rooted live fascines also work well to stop headcutting up the
face of a slope.

Live Cribwall System

This is a very site specific system that requires considerable
planning. Installation is somewhat more complicated than with
the other systems. Under certain conditions, this system could
replace a conventional cribwall. It is useful in areas where
space is limited and where immediate structural stability is
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required. The living root, placed in the interior £ill of the
wall, consolidates the soil particles. The parts of the living
system are also intended to root in the soil mantle behind the
unit. This enables the live cribwall to become part of the
land.

Conclusions and Recommendations

Based on ‘the past year's growth of the soil bioengineering
systems .and the apparent stability of the embankment, the dem-
onstration pro;ect described herein can be - cons:.dered a suc-
cessful slope repair.

The soil bioengineering systems installed on this project each
served to reinforce the soil mantle and provide permanent stab-
ilization of the £ill slope.

Soil bioengineering provides an excellent method of repair for
many shallow landslide and erosional slope problems. It can be
especially useful in areas where access to heavy equipment is
difficult. Many slopes can be stabilized before this becomes
necessary. Large projects such as the NC 126 repair would re-
.quire detailed plans and specifications, cross sections, quan-
tities and contract special provisions. They should therefore
be contracted to a general contractor. Using soil bioengineer-
ing technology in new projects could prevent future failures.
Small projects can be handled by properly trained maintenance
forces and should become a routine maintenance procedure.

There are a number of factors that should be considered regard-
ing a soil biocengineering land stabilization project:

1. A soil bioengineering project is very labor intensive. There
is considerable handwork, requiring use of shovels, mauls,
chainsaws and picks. This may be an asset on sites where
equipment cannot access. Large fill projects, however, do
require conventional equipment.

2. The live plant material should only be installed during the
dormant season, usually November through April. This is the
season of snow and rain which can cause a loss of project
time. It is also a time when 1labor is most plentiful and
therefore the least expensive.
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3.

A readily available source of biotechnically capable plant
material is especially important. The plant material should
be easily accessible and available in large quantities. As
projects are completed, the locations can become harvesting
sites for new projects. If planned in advance, the sites can
be cut the year before, to increase productivity.

Personnel working on installation of a soil bioengineering
system must be given instruction and must be supervised very
closely during the installation. They should be made to feel
confident about the systems' success.

It is imperative to have a project designed and planned by a
trained, experienced soil bioengineer.

The soil bioengineering systems blend naturally into the
landscape and do not intrude visually, which make them hlgh-
ly environmentally compatible.

The effectiveness of a soil bioengineering project actually
improves with time. Once the vegetation is established, it
becomes self-repairing through constant regeneration. This
leads to low maintenance requirements.

A properly designed, well planned and constructed soil bio-
engineering project has shown in many instances to be more
cost-effective than conventional approaches.

Soil bioengineering systems produce products and offer capa-

bilities which generally are not available in conventional
engineering solutions.
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Photo 2.

Photo 1.

Overview of the slope, summer 1986
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Close-up view
of site prior
to soil bioen-
gineering con-
struction;
summer 1986




Photo 3. Area 1: slump failure - 1live cribwall
construction; January 1987

Photo 4. Close-up of live cribwall construction
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Photo 5. . Repaired live cribwall comnstruction; Ju-
ly 1987
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Photo 6. Area 1: Prior to cut brushlayer instal-
lation; January 1987 '

Photo 7. Area 1: July 1987, four months after
construction - a stable soil bioengi-

neering site
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Photo 8. Area 2: February 1987, during fill
brushlayer construction

Photo 9. Area 2: March 1987, completed soil bio-
engineering construction
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Photo 10. Area 2: May 1987, demonstrating two (2)
months of stabilizing growth

Photo 11. Area 2: June 1988, one (1) year after
construction of soil bioengineering sys-
tems for stabilization
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STABILITY INVESTIGATION OF MT. CARMEL TUNNEL BY
PHYSICAL AND FINITE ELEMENT MODELS

Thomas J. Curtin, Goldberg-Zoino and Associates, 320 Needham St., Newton
Upper Falls, MA 02764

Thomas M. Tharp, Dept. of Earth and Atmospheric Sciences, Purdue
University, West Tafayette, IN 47907

ABSTRACT

Mt..Carmel Tunnel in Zion National Park, Springdale, Utah, has
experienced structural problems since the initial bore was completed in
1930. Most of the distress can be related to the tunnel's location just
inside of and parallel to a 600-ft-high c1iff of Navajo sandstone. The
mechanics of failure in the tunnel were studied by means of physical
models using Navajo sandstone and by finite element analysis.

Two large sandstone block models were tested under vertical com-
pression to simulate the state of stress in the vicinity of the Mt.
Carmel Tunnel. The arch-shaped tunnel opening was located one tunnel
diameter from the boundary of the sandstone block, thereby simulating the
close proximity of the Mt. Carmel Tunnel to the cliff face. Cracking
initiated near the corners of the tunnel where the walls intersect the
flat invert, and in the crown and at the springline. Cracks extended two
tunnel diameters above and below the tunnel before failure. The high-
angle cracks isolated a tall, thin slab of rock between the tunnel and
the free (cliff) face of the block. Ultimate failure occurred when this
slab buckled or separated from the rock mass.

The finite element model employed a parabolic Mohr failure criterion
to characterize both tensile and shear failure. It predicted the crack
pattern observed in the experimental models, however the sequence of frac-
turing was somewhat different. The finite element model also showed good
agreement with the tunnel closure history of the experimental models.

INTRODUCTION

Mt. Carmel Tunnel is a two-lane highway tunnel on State Highway 9 in
Zion National Park. It is located just inside of and paraliel to a 600-ft-
high c1iff of Navajo Sandstone (Fig. 1). Six openings or galleries to
allow natural ventilation extend through the cliff wall along the tunnel.
The tunnel has experienced structural problems, localized at the galleries,
since the initial bore was completed in 1930.

Stability of the Mt. Carmel Tunnel has been the subject of several
previous investigations (Buchele 1976, Hamilton 1977, 1978, Robinson
1980, 1985, and Wolf 1977). The distress in the tunnel is mostly a
result of unfavorable joint orientation and continuity, along with
natural cliff degradation (Robinson 1980). However, several investi-
gators (Hamilton 1977, Kendorski 1978) have suggested that stress concen-
trations generated by the tunnel may also foster distress along sections
of the main bore; especially in regions where close proximity of the
tunnel to the cliff face produces high stress concentrations. This study
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uses physical and numerical models to investigate failure mechanisms and
stresses generated by loading of an arch-shaped opening located adjacent
to a free face. Numerous investigators have conducted experimental
studies of tunnels (Bonsall et al. 1982, Gay 1976, Heuer and Hendron
1971, Lajtai and Lajtai 1975, Kaiser et al. 1985, Krauland 1970, and
Sharma 1976), however the authors are not aware of previous rock model
tests of an opening located close to a free face.

GEOLOGY

The Mt, Carmel Tunnel lies within the early Jurassic Navajo Forma-
tion, a very fine to medium grained sandstone of aeolian and shallow
marine origin. Most of the tunnel is in the basal section of the Navajo
which is characterized by thin planar bedding and very fine gra1n size
(Robinson 1980).

Joints are largely responsible for the columnar blocks forming the
cliffs containing the Mt. Carmel Tunnel (Fig. 2). The major joint set in
the Park, and particularly in the vicinity of the tunnel, is nearly-
vertical and strikes N1OW to N20W. This set defines the east and west
sides of the massive vertical columns (Fig. 2) present along the tunnel
alignment (Robinson 1980). This major joint set inciudes discrete
joints, joint clusters, and fracture zones. The discrete joints are
tight and planar with 1/8 to 1/4-inch undulations, and 5 to 150 ft
spacing. The joint clusters consist of two or more joints and often as
many as 10 joints, spaced 3 inches to 3 feet apart.  The fracture zones
consist of two or more discrete joints spaced several inches to several -
feet apart, with the intervening rock broken into 1 to 12 inch fragments.
The joints of this group tend to be continuous over large distances.

A minor set of regional systematic joints strikes N65E to N8OE and
has a near-vertical dip. This joint set contains shorter and more
closely spaced joints than the major joint set and exerts less influence
on topography. The minor joint set generally intersects the tunnel at
angles of 15-25°, Most of the severe crown overbreaks experienced during
tunnel excavation occurred along this joint set and adjoining cross-
bedding planes (Robinson 1980). Joints of the minor set have a wider
range of orientations than those of the major set. They are generally
approximately parallel to the cliff face and are mimicked by exfoliation
joints., Field relationships show the minor joint set terminating against
the major joint set, indicating that the minor set postdates the major
set (Robinson 1980).

Generally, exfoliation fractures in Zion National Park are oriented
subparallel to the major and minor joint sets, although a number of
exfoliation fractures near the tunnel dip approximate]y 60 degrees toward
the valley. The continuity of exfoliation fractures at the site is
highly variable, ranging from a few feet to several hundred feet.

DISTRESS IN TUNNEL

75% of the tunnel is currently supported with 3-6 ft wide reinforced
concrete rings spaced 3-5 ft. The intervening rock is covered with
gunite. The remaining 25% of the tunnel, which primarily includes the
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gallery areas, is supported by a continuous reinforced concrete liner
(Robinson 1980).

Indications of minor rock and liner distress along the tunnel include
the presence of exfoliation joints in the sidewall, spalling, hairline
cracks, and the formation of precipitates. The exfoliation joints pro-
bably formed shortly after the original excavation. The spalled sections
have been less than 10 square feet and generally occur where the gunite
is too thin for long-term support. The hairline cracks generally follow
reinforcing bars or edges of I-beams. With the exception of cracking
between 50+09 and 50+15, none of these cracks appear to indicate severe
distress in the liner; but may indicate minor adjustments to stresses in
the cliff face (Robinson 1980).

PHYSICAL MODEL TESTING

Sandstone block models were cut with a rock saw from sandstone
samples obtained in Zion National Park. The blocks were machined on a
surface grinder to ensure paralielism of the loaded surfaces. A simu-
lated arch-shaped opening was cut 29 mm away from the right lateral
boundary of the block using a diamond bit core barrel. The circular pro-
file was extended into an arch shape, using a tungsten carbide hacksaw
blade to excavate the bottom corners. A square box file was used to
define the corners of the opening and a 1-inch-wide flat file was used to
Tevel the tunnel floor. The height and width of the opening in all
models was 31mm, with the springline located 15mm above the invert.

The loading conditions applied to the models simulate the stress
state existing at the Mt. Carmel Tunnel, however true similitude is not
achieved because of differences in loading rate, moisture content, and
size effect. Loading on the tunnel is caused mainly by vertical over-
burden pressure. Horizontal stresses can be neglected because the tunnel
is parallel to and close to a cliff face. The three-dimensional model
representing a section of tunnel was loaded in uniaxial compression
perpendicular to bedding. To minimize end restraint effects, the model
was compressed between aluminum end pieces with the same section as that
of the model. The ratio of Poisson's ratio to elastic modulus for
aluminum is close to that for the sandstone.

Locations of strain rosettes used to monitor changes in strain
around the opening are shown in Fig. 3. A calibrated Instron extenso-
meter was used to measure convergence of the model opening. A multi-
channel computer-controlied data acquisition system was used for data
collection.

The opening was located in the right side of the model as viewed
from the front face. The right side of the model, where the opening is
closest to the edge of the block (cliff), is called the free face. All
descriptions of cracking are based on a front view of the model. The
strain and crack orientations on the back face are described as though
viewed from the front face to maintain a consistent frame of reference.

Stresses were calculated from measured strains at several stages of
Toading. The stresses adjacent to the sidewalls of the tunnel were
calculated using the elastic parameters obtained by compression testing
of cores. However, the crown and invert areas experienced a mixed stress
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state with both tensile and compressive components. Elastic modulus is

generally much lower in tension than compression and based on data

compiled by Haimson and Tharp (1973) for sandstones, tensile Young's

modulus E¢ was assumed to be 1/20 of the modulus in compression Ec. The

tensile Poisson's ratio was calculated using the relationship:
Vc/EC=Vt/Et

which is required by the theory of anisotropic elasticity.

MODEL ONE

Crack patterns have been mapped on both the front (non-strain gaged)
and back (strain gaged) faces (Fig. 4). It was not possible to correlate
crack location and sequence on the front face of the model with that on
the back face because load-crack data were not recorded during testing on
the strain gaged face where most cracks were obscured by gages, leads and
other instrumentation., For that reason cracks observed on the front and
back faces are discussed separately. In general cracks had similarly
located counterparts on both faces with the exception of cracks 4g, 6g,
and 7g which were seen only on the back face.

Cracking on Front Face of Model 1

The Toading rate was approximately 400 psi/min for testing Model 1.
The first fracture was seen at an applied stress of 2812 psi (Fig. 4).
The crack (#1) did not intersect the opening when it was observed but
rather propagated 67 mm in a predominantly vertical downward direction
from a point located 6 mm below and to the right of the right corner of
the opening.

The next cracking was observed at an applied stress of 3594 psi.
Crack #1 propagated by an additional increment and a vertical crack (#2)
approximately 5 mm in length developed in the crown. At the same loading
level a vertical crack (#3) 2.5 mm in length developed at the invert.

At an applied stress of 4375 psi, crack #1 propagated an additional
5 mm. Crack #2 in the crown increased in length to 33.5 mm while crack
#3 in the invert increased in length to 11 mm., As the load continued to
rise above 4375 psi a whitish discoloration originated from the left
corner of the opening and extended obliquely for a distance of 62 mm
toward the base of the model. This discoloration probably represents a
shear zone, but upon reaching an applied stress of 5469 psi the linear
zone became an open crack (#4). With the opening of crack #4, tensile
crack #3 in the invert closed. :

Failure, which was defined by a sudden drop in load carrying capa-
city, occurred at 6600 psi. It was marked by the development of addi-
tional cracks (#la,#1b) intersecting crack #1. Crack #1 propagated back
toward the opening, intersecting the sidewall just below the springline.
The sidewall in this region had spalled extensively. A crushed zone also
developed at the point of initiation of crack #4 at the Teft corner of
the opening.
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Cracking on Back Face of Model 1

Strain measurements and crack locations were used to constrain the
approximate load at which cracks occurred and the sequence of cracking on
the back face of Model 1. The first crack (#1q) occurred in the invert
at approximately 1400 psi. The tensile major principal strain was 2200
microstrain (291 psi) and the compressive minor principal strain was -500
microstrain (-1324 psi). Cracking at this load in the invert is consis-
tent with the 300 psi tensile strength of the sandstone in the plane of
the strata (Robinson 1980). As load continued to increase, a crack (#2g)
propagated from the crown at approximately 2200 psi. The major and minor
principal strains in the crown area at this load were 2075 microstrain
(286 psi) and -650 microstrain (-1869 psi) respectively. Again, the
‘major principal stress was close to the tensile strength of the sandstone.

' The crown and invert strain rosettes recorded maximum tensile princi-
pal strains at 3600 psi and 3800 psi respectively. Continued opening of
the crown (#2g) and invert (#1g) cracks was confirmed by the increasing
tensile strains. The maximum tensile principal strains in the crown and
invert were 3000 microstrain (488 psi) and 11400 microstrain (1897 psi)
respectively. These apparent stresses are both in excess of the tensile
strength of the sandstone and indicate that measured strain was probably
partially accomodated by cracking.

Decreased tensile strain in the invert occurred as the load exceeded
3600 psi. This initial decrease in tensile strain is marked by a drop of
3.07 microstrain/psi of load. This decrease suggests that tensile strain
may have shifted to crack #3g, which propagated nearly vertically down-
ward from the right corner of the opening. A nearly contemporaneous
decrease in tensile strain was recorded in the crown area at a load of
3800 psi. The initial decrease in tensile strain in the crown was not as
great as that occurring in the invert; decreasing only 0.7 microstrain/psi
of Toad.

At 5200 psi a major crack, #4g, propagated vertically upward from
the right side of the crown. Associated with the propagation of crack
#4g was a sharp decrease in tensile strain in the crown. The strain
decreased at 8.5 microstrain/psi of load for a-1000 psi load increment,
before decreasing more gradually. As cracks (#4g, 6g, 7g) developed on
both sides of the crack in the crown (#2g) the stress free zone became
more extensive until eventually the crown strain rosette became isolated
from loading. '

Propagation of crack #4g strongly influenced the strain field and
its initiation was recorded by a number of strain rosettes. For example,
there was a sharp change in the direction of the principal angle in the
vicinity of the right top rosette, the minor principal compressive strain
recorded by the right bottom strain rosette stabilized and remained
nearly constant to failure, and there was also a noticeable increase in
closure of the tunnel opening (Fig. 6) at 5200 psi.

The nearly vertical fractures (#3g and #4g) above and below the
right sidewall of the opening detached a slab of rock about 30 mm wide at
the right boundary of the model causing it to behave as a column under
axial Toad. At a load of 4500 psi the right rosette located on this slab
recorded a tensile major principal strain which remained tensile until a
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load of 5200 psi at which load it again became compressive. This tensile
strain may have represented a slight outward buckling of the column.

Strain data indicate that crack #5g propagated vertically downward
from the left corner of the opening at a load close to 5400 psi, which is
similar to the load at which the corresponding crack on the front face
(#4) propagated. Strain measurements do not provide conclusive evidence
as to the exact load at which cracks #6g and 7g developed.

Cracking and Spalling Inside the Model Tunnel

The most extensive sidewall slabbing occurred along the left side-
wall, High vertical (-3200 microstrain, -12,402 psi) and horizontal
© (-400 microstrain, -4624 psi) compressive strains recorded by the left
rosette correlate with this extensive slabbing., The high vertical com-
pressive stress adjacent to the left sidewall (-12,404 psi) was in excess
of the unconfined compressive strength (7000 psi) of the sandstone. The
existence of a confined state of stress at the strain rosette location
was the probab]e reason that this high vertical compress1ve stress did
not result in greater failure.

Sidewall slabbing was less extensive along the sidewall adjacent to
the free face, where cracking occurred, and where lower minor and major
principal compressive strains of -1850 microstrain (-7042 psi) and -100
microstrain (-2181 psi), respectively, were recorded.

MODEL TWO

Model 2 reached a maximum stress of 5143 psi at a loading rate of
about 300 psi/min., The failure pattern was distinctly different from
that observed in Model 1 (Fig. 5) and may be related to strength inhomo-
geneity associated with thin beds of weak, coarse grained sandstone.

Failure mechanisms in Model 2 preclude separate discussions of cracking
on the two model faces. Cracks other than throughgoing crack #2 were
hairline cracks playing only a minor role in failure. The first fracture
was a 7.2 mm slightly curved, nearly vertical crack located adjacent to
the left sidewall of the opening. This crack is not Tabelled in Fig. 5
because the zone in which it occurred spalled under increased load.

A spalled zone in the right wall of the opening terminated just
above the springiine upon reaching a coarser grained layer. Shear frac-
turing in this coarse grained layer resulted in a crushed zone that
extended horizontally for a distance of approximately 5.9 mm. This shear
zone may be similar to the normal shear fractures described by Nesetova
and Lajtai (1973). Normal shear fractures initiate at points of maximum
compressive stress concentration near boundaries and propagate along a
path that is normal to the direction of loading.

Minor spalling of the left sidewall occurrred in conjunction with
the development of the crushed zone. With increased load, the high
compressive stresses in the crushed zone were eventually relieved by the
opening of a 40.5 mm long, siightly curved, near-vertical crack (#2)
which propagated from the crushed zone.

The opening of the throughgoing vertical crack (#2) at approximately
4400 psi is documented by strain data in the crown area. The major
principal tensile strain in the crown decreased from 2150 microstrain
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(208 psi) just prior to propagation of crack #2, to 1700 microstrain (159
psi) after crack #2 opened. The minor principal compressive strain
increased from -300 microstrain (548 psi) prior to fracture, to -450
microstrain (860 psi) after crack #2 opened. The strain data suggest
that release of tensile stress in the crown and increased compressive
loading of the arch were caused by propagation of crack #2.

At 4400 psi the invert gage recorded a maximum tensile principal
strain of 1400 microstrain (128 psi) and a maximum compressive principal
strain of -500 microstrain (-968 psi). Magnitudes of both strains then
decreased nearly contemporaneously with ongoing shearing of the right
sidewall and propagation of crack #2. It is unlikely that crack #2
influenced behavior in the invert. It is more probable that the decrease
in strain above 4400 psi resulted from crushing of the left corner of the
opening. This crushing changed the effective load carrying capacity of
the rock around the opening, which effectively increased in width,
decreasing stress below the invert,

Immediately prior to failure, crack #2 extended upward as a series
of en. echelon cracks with a geometry. suggesting downward movement of the
crown with respect to the sidewall. As the en echelon cracks continued
to propagate, the lower left corner of the opening experienced extensive
crushing, resulting in a series of thin, slightly curved vertical slabs
moving toward the opening. Associated with development of the en echelon
cracks and crushing of the left corner was continued relaxation of
tensile strains in both the crown and invert and an increase in compres-
sive strains adjacent to both the left and right sidewalls of the opening.
Unlike Model 1, the highest compressive strains occurred between the
opening and the free face. The major and minor compressive principal
stresses at the right strain rosette at a load of 5100 psi were -1232 psi
and -9128 psi respectively.

At higher loads the en echelon cracks joined to form a continuous
extension of crack #2 that separated a column of rock above the opening
from the model block. At this time, collapse of the model occurred, with
intense crushing propagating horizontally outward from the right sidewall.

EXPERIMENTAL CONVERGENCE MEASUREMENTS - MODELS 1 AND 2

Tunnel closure measurements show that Model 1 exhibited less closure
than Model 2 with increasing load (Fig. 6). Closure of the openings was
nearly linearly proportional to load over most of the loading range, with
the exception of a few small jumps in displacement that may be attributed
to the opening of fractures.

FINITE ELEMENT MODEL

A plane stress finite element model (FEM) employing 349 constant
strain, transversely-isotropic elements was used to simulate deformation
and failure of the physical model. A uniformly distributed vertical load
was applied at the top of the model to duplicate the loading of the
physical models.

Young's modulus and Poisson's ratio were measured on small diameter
cores oriented parallel or perpendicular to bedding. The values used
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were from the same rock used for model 1. For loading parallel to
~ bedding E 2.0 x 108 psi and v = 0.23; for loading perpend1cu1ar to
bedding E' = 3.2 x 106 psi and v'= 0. 27. Shear modulus G' = 1.0 x 106
psi was computed by an empirical equation proposed by Amadei (1983). A
parabolic Mohr failure criterion (Fu, 1982) was used to characterize both
tensile and shear failure, but only tensile failure occurred in the
models. After tensile failure of an element, the elastic parameters
associated with the direction paral1e1 to the maximum tensile stress are
reduced to E = 1.0, V= 0.0, and G' = 1.0.

Finite Element Crack Simulation

The Tinite element model predicts the major cracks seen .in experi-
mental Model 1, however the sequence of fracture is slightly different
(Fig. 7). The finite element model also predicted cracking at lower
applied stress than obtained experimentally and loss of load-carrying
capacity occurred at only 55 to 75% of the collapse load for the tunnels
in the physical models.

The finite element model initially generated nearly simuTtaneous
tensile failures in the crown and invert (Fig. 7). With increasing load,
tensile failure progressed vertically from the invert. At a load of 1987
psi a zone of failed elements started extending from the bottom of the
crack in the invert back toward the right corner of the opening. At the
same load the crack in the crown had experienced further propagation.

At 3000 psi an additional zone of failure initiated approximately one
opening diameter below the centerline of the opening and propagated back
toward the left corner of the opening. The finite element model shows
fairly good correlation with the early closure history of experimental
Model 1 (Fig. 6).

COMPARISON OF THE MODELS

The finite element program predicted fracturing at Tower applied
stresses than observed in the physical model. One possible reason for
this is that for most rocks the slope of the stress-strain curve in
tension is lower than in compression (Haimson and Tharp 1973). This may
explain some of the discrepancy between applied load and fracture
sequences observed in the FEM and physical models. If the finite element
analysis had used a reduced Young's modulus in tension, tensile stresses
would have been reduced causing fracture to occur at higher applied
stress and resulting in behavior more similar to that observed in the
physical models.

One marked similarity of the two physical models and the finite
element model was the development of tensile fractures dipping toward the
centerline of the tunnel from both corners of the invert. This cracking
effectively isolates and destresses the zone below the invert.

Similarities exist between the physical model, the FEM and the
elastic analysis by Mindlin (1948) for stress around a circular hole near
a free face. Mindlin has shown that the free-face stress is low at the
point nearest the circular hole, but increases with vertical distance
away from this point, before gradually decreasing to equal the remotely
applied stress.
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The same behavior is seen in Fig. 8, a plot of vertical stress magni-
tude along the free face calculated by FEM. It is observed that the
stress is Tow, approximately equal to the applied stress, at the point
nearest the opening, and increases to 1.2 times the applied stress at a
vertical distance of 1.5 times the height of the opening. This stress
distribution is reflected in both physical models (Fig. 4 and 5), where
fracturing near the free face (cliff) is more pronounced above and below
the level of the tunnel than directly opposite the tunnel. It is also
reflected in the strain measurements of Model 1 where higher vertical
stresses existed at the locations of the right bottom and right top
strain rosettes than at the right rosette directly opposite the opening
(Fig. 3).

Mindlin's study shows that the zones of tensile and compressive
tangential stress change as an opening is moved closer to a free face
(cliff), The-compressive zone between the opening and free face is
reduced while the tensile zones in the crown and invert are increased in
size. Sections of the crown and invert close to the free face (cliff)
experience tensile tangential stress that would be compressive in an
opening Tocated a greater distance from the free edge. Mindlin also
showed a very large increase in the compressive tangential stress between
the free face (c1iff) and opening as the opening is located closer to the
free face (c1iff). Model 2 reflects the presence of a high stress concen-
tration near the free face (shear zone development). The Targer tensile
zone in the crown and invert may be responsible for the extensive
vertical cracking extending from the springline in Models 1 and 2.

An important feature observed in both physical models was a fracture
extending upward from the springline on the side of the tunnel near the
free (cliff) face. This fracture was not observed in the FEM, but based
on the timing of its appearance in Model 1, it is possible that it would
have formed at higher load. Significantly, a nearly vertical crack is
observed at the springline in the Gallery 3 area of Mt. Carmel Tunnel
(Robinson 1980). Measurements of offset indicate that the crown is
moving down relative to the sidewall. This is consistent with the above
interpretation that the rock slab between the tunnel and cliff face is
Tightly stressed except at the tunnel sidewall, and that it may behave as
a rigid monolith while failure occurs above and below.

IMPLICATIONS FOR THE MT. CARMEL TUNNEL

Behavior of the physical and finite element models corresponds in
several predictable ways to behavior observed in the Mt. Carmel Tunnel.
Before the Mt. Carmel Tunnel was lined, block fallouts from the roof
occurred as a result of pre-existing joints and tensile stress in the
crown., Carlson gages in the column and crown at station 50 + 19 also
indicated the expected compression in the sidewall and tension in the
crown,

The physical models indicate that distress in a tunnel near a free
face may take complex forms, with stresses falling as well as rising and
fracture displacements decreasing as well as increasing. Even the
displacement mode may change, with early shear being replaced by later
tension or vice versa.
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Although the physical and numerical models imply that loading of the
Mt. Carmel Tunnel is an order of magnitude below the ultimate strength,
they also define the mechanics of failure in this geometry. In particu-
lar, it is suggested that failure would be preceeded by isolation of an
intact rock mass between the tunnel and the free face. The existence of
high-angle natural joints parallel to the tunnel might promote this
development. This rock mass may extend vertically for one or several
tunnel diameters above and below the centerline of the tunnel. It would
remain sound directly opposite the tunnel, while experiencing cracking
and loss of integrity above and below. This has interesting implications
both for monitoring strategies and reinforcement design.
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Fig. 7. Fracture sequence associated with loading of the finite
element model. Dotted elements represent a tensile
major principal stress. Black elements represent
tensile failure. The top and bottom rows of elements
represent the aluminum plates used in the model tests.
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ABSTRACT

With the rise of an approach f£ill for an overpass for US89 across
the D&RGW tracks east of Thistle, Utah, tension cracks appeared
which posed a direct threat to the continued operation of the
railroad. Investigation of the developing slide involved geologic
mapping, soil borings, slope inclinometer and piezometer installa-
tions, and a network of EDM survey targets.

Back analysis was used to derive shear strength parameters for the
failure surface (c=200psf, @g= 10 degrees). Subsequent analyses
were conducted to assess methods of remediating the slide.

The selected approach involved removing the approach £ill and
using as much of the material as possible to construct a berm on
top of the toe area in the vicinity of Soldier Creek, which re-
quired diversion of the creek.

This berm has apparently stabilized the developing failure suc-
cessfully. The temporary alignment of US89 with an at-grade
crossing of the tracks has been upgraded to permanent status.

INTRODUCTION

The 1983 Thistle landslide necessitated the realignment of the
Denver and Rio Grande Western tracks and U.S. Highways 6 and 89
which had passed through the Thistle area. Several alternative

alignments of U.S. 89 across Little Paradise Valley were consid-
ered.

The selected alignment requires a crossing of the railroad tracks
south of the tie in with the realigned US 6. Because of the heavy
railroad traffic in Spanish Fork Canyon, a grade-separated cross-
ing was desired. Such a crossing required construction of a sub-
stantial £ill for the overpass approach.

Construction of the fill commenced about March 1, 1987 and ap-

proximately 70 feet of £ill had been placed by about mid=April
(£ill to about elevation 5230 £ft.)
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On April 13, 1987 an area (shown in Figure 1) was delineated by
cracks that crested along the D&RGW trackage near elevation 5222
ft., just west of the crossing of temporary US 89. The toe of the
slide was not visible, but is probably close to Soldier Creek at
elevation 5100 ft. An eastern bounding crack was well defined by
an existing drainage path which crosses the old Highway 6 align-
ment due south of new alignment station 1116+60. The western edge
of the slide had yet to develop a boundary crack, but the configu-
ration of existing cracks suggested a western flank to the south
of new alignment stations 1110 or 1l1l1l1l. Portions of the slide
appear to involve old landslide debris while other portions are
clearly within in-place alluvial material. Virtually all of the
material involved is silty or clay-rich and some contains bentoni-
tie, or active clays. Groundwater conditions were not known, but
material in the cut immediately above the crest was damp and wet-
ter than the adjacent cut slopes. A small bog is known to have
been buried beneath the £ill for the Highway 89 bridge approach.

A monitoring and investigation program was undertaken as a means
of examining the stability of the embankment and conceptually
formulating alternatives for remediating the problem. The program
consisted of the establishment of a surface array of electronic
distance measurement (EDM) survey targets and the installation of
12 inclinometers and 6 pore pressure transducers (piezometers) in
.the area of suspected movement.

Concurrently, 10 feet of £ill were removed in an attempt to unload
the slope and, hence, slow down the rate of movement.

Golder Associates was retained specifically to deal with the local
slide area that threatened the railroad. The study did not include
definition, evaluation, and mitigation of the significant land-
sliding that has been historically characteristic of the region.
It is clear that the present slide is, at least partially, within
a lobe of earlier slide materials.

The stretch of Soldier Fork Canyon from the Pennsylvanian rocks
(just west of Diamond Fork) eastward to the Paleocene Green River
Formation (approximately 9 miles) is uncommonly characterized by
landslide activity. This activity has probably been essentially
continuous since the draining of Lake Bonneville, (approximately
15,000 years ago) and perhaps even longer.

Periods of abnormally high precipitation (and therefore, high

groundwater) have doubtless been the times of greatest slide ac-
tivity.

An investigation sufficient to define the nature and overall ex-
tent of landslide activity such that permanent stabilization could
be considered for the several mile stretch of US 6 east of Diamond
Fork would be enormously expensive. Without such understanding,
however, there is a risk that mitigation measures taken for a
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particular problem will aggravate other potential problem areas.
UDOT has adopted the procedure of dealing with problems locally as
they occur. It is recognized that throughout the area, landslide
activity will affect both the highway and the railroad through the
foreseeable future.

To some degree this would be the case even without the construc-
tion activities occasioned by the mid-April 1983 slide and the
impounding:of "Thistle Lake". The Thistle slide followed an unu-
sually wet season. The subsequent years have also had a higher
than average precipitation. As a result, by early 1987 there were
at least three active landslide areas up-slope from US 6 east of
Billies Mountain which are demonstrably independent from construc-
tion activities associated with the realignment of US 6 and 89.
The mountain across the valley to the south has recently developed
a significant failure scarp, again completely independent of con-
struction activity. Because both the railrocad and the highway
have been relocated up-slope, the new alignments are within an
area that is inherently less stable than that through which the
previous alignments ran.

GEOLOGY

Two studies have been conducted within the project area: Young
(1976), who worked on the.Billies Mountain quadrangle, immediately
to the north, and Pinnell (1972) who mapped the Thistle
quadrangle, .which covers the project area and the terrain to the
south. In addition, the Utah Geological and Mineral Survey issued
Map 69, on the Thistle, Utah area in. June 1983. The UG&MS mapping
was directed primarily to the Thistle slide that had occurred in
April. This map combined the information collected by Young,
Pinnell, and others and added more information on current and
ancient landslides in the area.

Rocks within the vicinity of the site vary in age from the
late-Pennsylvanian Oquirrh Formation to the Miocene volcanics and
recent alluvium. Events leading to the present structure of the
area have been identified as follows (Young, 1976):

l. Oquirrh basin development during the Pennsylivanian and
the Permian.

2. Shelf deposition during the Permian and the Triassic.
3. Jurassic through development (deposition).

4. Sevier orogenic-related tectonism and deposition in the
early to late Cretaceous.

5. Laramide orogenic-related tectonism and deposition in the
late Cretaceous to Eocene.
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6. Oligocene andesitic volcanism.

7. Miocene or later Basin and Range uplift and block fault-
ing.

8. Pleistocene glacial action, stream rejuvenation and con-
tinued Basin and Range faulting.

.The present:  configuration of the valley slopes is indicative of
the relatively recent, but complex geoclogic history of the area.
East of Billies Mountain, the north side of the ‘Soldier Creek
valley rises from the flat floor, which is : composed of recent
flood-plain deposits, including lake-bed sediments, to a gently
sloping zone of young alluvial fan deposits -which include some
earth flow slides. Above that, at roughly 5150 ft. elevation, the
‘topography is characterized by a series of truncated ridges trend-
ing perpendicular to the creek. These ridges are eroded remnants
of an earlier generation of fans, flood plain deposits, flow
slides and rock outcrops. : '

The realigned D&RGW trackage cuts across the lower portion of the
truncated ridges at around elevation 5223 ft. The cut faces re-
veal a variety of geologic conditions and materials. The new US 6

alignment, at about 5334 ft. elevation, traverses a third break in
the slope. Below this elevation, excavations reveal primarily

alluvial and colluvial deposits with some weathered in-place rock.
units. .Above US 6, excavations are generally: through in-place

rock materials.

These excavations are in ridges that bound cirque-like erosional
scarps. These cirques are the source of some, but not all of the
series of materials deposited below. The cirques top out at
around elevation 5750 ft. in a ridge of flat-lying, resistant
Flagstaff limestone. Above this ridge, the topography continues
to rise gently to the north through a sequence of weak
volcaniclastic sediments. Slopes above the Flagstaff are charac-
terized by rolling, hummocky, boggy topography. This appears to be
the source of much of the bentonitic earthflow material that
streams into the valley below.

The visibly active portion of the earthflow slide that may influ-
ence movements in the US 89/D&RGW track area is above the
Flagstaff, pushing debris over the ridge into the valley below.
This does not appear to be affecting the debris lobe below the
Flagstaff at present.

Given the prevalence of landsliding in the area, the frequency of
instability in the new cuts along US 6, and the amount of highly
weathered, clay-rich sediment in the area, it could be inferred
that the lower section of gently sloping ground, between the
tracks and the flood plain, is composed largely of coalescing
tongues of earthflow slides and that the 8 to 10 degree slope
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angle represents the residual shear strength of the materials.
Such an inference carries the implication that shear surfaces and
other discontinuities are common throughout this zone and that the
entire area is of marginal stability. Temporarily high groundwater
conditions could trigger new sliding at virtually any location.

Undeniably, there are several locations in the area where these
conditions exist. But much of the alluvial/colluvial material
comprising the lower zone is silts and fine- sands which- are in
place depositionally. The ground surface is not a reflection of

residual shear strength and the earthflows appear to be local and
discrete.. - R . .

A complicating factor, however, is the repetitive cycles of ero-
sion and deposition that probably have occurred in this area. It
is possible that an earlier generation of earthflow slides has
been overlain by a cycle of flood-plain, lake-bed, and alluvial
fan deposits which are in place and seemingly stable. Very weak
shear surfaces may exist locally beneath these deposits and it is
conceivable that construction activities and climatic variations
might reactivate some of these earlier-generation slides as well
as the surface slide materials. UDOT rotary wash borings #5 and #6
both encountered a zone of coarse river gravel deposits at eleva-
tions of 5063.5-5052 ft. and 5057.3-5053.3 ft., respectively. 1In
both holes, the present sliding surface appears to directly over-
lie this zone as would be expected if the slide material is a re-
activated earlier slide. o :

THE LANDSLIP

As shown on Figure 1, the surface cracks delineated a block of
ground about 600 ft. wide extending about 800 ft. upslope from
Soldier Creek. Slope inclinometers indicate an average depth to
the sliding surface on the order of about 50 ft. About 900,000
cubic yards of material are therefore included.

Fortunately, remediation of the slide was completed prior to the
failure gaining full maturity in the sense of a continuous, well
defined failure surface being formed. The slope inclinometers
show somewhat erratic behavior in terms of both direction of move-
ment and sliding surface elevations. The pattern of surface
cracks is also indicative of a complex sliding surface as though a

resistant knob were present underlying the lower portion of the
slide. -

Maximum displacement, as determined by accumulating the widths of
individual tension cracks in the headwall area, has been on the
order of two feet. Most of this movement had occurred prior to
the installation of monitoring devices such that recorded move-
ments have generally been on the order of two inches and less.
Needless to say, the interpretation of the geology and mechanics
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of a landslide become easier as movement increases. The present
slide has not developed to the extent it allows a clear under-
standing of the situation.

Figure 2 is a cross section through the landslip. As shown on the
figure, the groundwater surface rises gently to the north away
from Soldier Creek. But this drawing is deceptively simple: a 42
ft. head drop occurs west to east across the section line, with
the water level in hole #3 standing around 10 ft. below surface.

The materials in the wet area are sandy while the water levels t
the east are in silty clays. T -

Materials comprising the slide mass include silty clays and clayey
silts for the most part, although some silty sands and fine sands
are present. The materials are both colluvial accumulations and
weathered sedimentary and volcaniclastic lithologies.

STABILITY ANALYSES

On the assumption that the slide is in meta-stable equilibrium
(factor of safety close to unity), a series of stability analyses
was run in order to develop realistic strength parameters for the
failure surface. The parameter values most consistent with ob-
served conditions are cohesion, (c¢),=200 psf, and friction angle,
(#),=10.degrees, although another set of parameters (c=0, g =12
degrees) alsoc satisfies the conditions. :

Having derived a set of realistic strength parameters, analyses
were then conducted to assess various means of remediating the
slide. Broadly, the available methods were seen to involve improv-
ing the effective strength by reducing pore pressures, and alter-
ing the force balance through redistributing materials.

The analysis demonstrated that the slide is relatively insensitive
to pore pressures: The factor of safety increases by only about 4.
percent for each 10 foot drop in the phreatic surface. The size
and geometry of the slide, and the significant clay content of the
materials suggest that a reliable dewatering scheme would have
been both difficult to achieve and quite expensive.

As shown on Figure 2, the bulk of the approach fill is not €£far
north of the centroid of the failure mass. Consequently, removing
the £ill material also has a limited impact on stability. The
analysis showed a 1 percent improvement in the factor of safety
for each 10 foot increment of £fill removed. More than anything
else, it is this relationship that testifies to the marginal sta-
bility of the ground prior to construction. The rather delicate
balance is doubtless responsible for the slow development of the
slide and greatly enchanced the opportunity for remediation.
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Beyond pore pressure reduction and removing the £ill, only two
other options for improving stability exist:

. stripping off material in the upper portion of the slide
to reduce driving forces, and

. depositing material in the toe area to increase resisting
forces.

The first option would have necessitated a realignment of tempo-
rary US 89 -and the railroad tracks. It was not considered fur-
ther. The preferred solution involved construction of a toe berm
using materials from the approcach £ill to the degree posssible.

Several analyses were run to optimize the location, configuration,
and volume of the toe berm. It should be noted that the slide has
not matured to the extent that a visual expression of a toe is
evident. The toe is someplace within the coarse flood plain sedi-
ments of Soldier Creek valley. A realistic assumption set the
toe (for design purposes) in the immediate vicinity of Soldier
Creek. Construction of the berm to the north of the creek would

have been of relatively little value, again due to the proximity
of the centroid of the failure mass. Each 10 feet of berm height
would have improved the safety factor by a little more than 1
percent. -However, better than 10 percent improvement in the fac-
tor of safety was seen for each 10 foot increment in height for a
berm constructed over Soldier Creek. Mitigation of the slide,
accordingly, required diversion of the creek.

Diversion of Soldier Creek and construction of a berm 25 ft. high
with a 50 ft. wide crest and 2H:1V side slopes was completed in
the late summer of 1987. Movement of the slide mass, as indicated
by displacement in the slope inclinometers has slowed appreciably

and possibly stopped (movement is within the error-band of the in-
strumentation).

CONCLUSIONS -

A developing landslide which posed an immediate threat to rail
traffic in Spanish Fork Canyon has been successfully mitigated
with the construction of a berm to surcharge the tce area. Alter-
natives of removing material from the slide mass (unloading) and
reducing pore pressure conditions along the failure surface were
analysed and determined to provide relatively little benefit for
the cost involved. Nevertheless, most of the f£ill for the overpass
was removed with as much of the material as possible being util-
ized in the toce berm.

It has been decided to upgrade the temporary aiignment of US 89 to
permanent status and maintain an at-grade crossing of the railroad
tracks in the area.
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TﬁE MEASURED SLOPE STEEPNESS FACTOR AND ITS
THEORETICAL ANALYSIS FOR PREDICT}NC SOIL EROSION
ON HIGHWAY SLOPES

2 3
J.-C. Fan and C. W. Lovell

ABSTRACT

HMeasurements of soil erosion have been performed on newly con-
structed highway slopes at Putnamville and Evansville, Indiana, in 1985
and 1986. Slope steepnesses of th? tested highway slopes ranged from
9% to 50%Z. It is possible to use the Universal Soil Loss Equation
(USLE), which is widely applied for prediction of soil erosion, for
highway slopes. However, the USLE has been developed, mainly, for
agricultural uses. For the USLE, as reported by Wischmeier and Smith
in 1978, the slope steepness varied from 3% to 1?%, which is less than

usual highway slope steepnesses.

From the field erosion tests at Evansville, the slope steepness
factor (S) is extended to 50%. The measured S factor reaches a maximum
value of 1.5 at a slope steepness of 20% (11.2 degrees). This means
that total erosion, which consists of both interrill and rill erosion,

does not continue to increase with slope steepness, which is very

1. Paper presented at the 39th Highway Geology Symposium on
Construction to Minimize Environmental Impact, Aston Genesis
Resort, Park City, Utah, August 17-19, 1988.

2. Associate Professor of the Department of Agricultural Engineering,
National Taiwan University, Taipei, Taiwan, 10764, R.0.C.

3. Professor of the School of Civil Engineering, Purdue University, W.
Lafayette, IN 47907.
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different from the extrapolations of the S factor by previous research-

ers.

It is also found that the S factor may change with soil proper-—
ties, slope length and elapsed time, and accordingly is not a factor
independent of others. The S factor was assumed to be an independent

factor by previous researchers.

Limited previous experimental research relative to soil erosion on
steep slopes supports the above-mentioned findingso Theoretical ana=-
lyses based on basic equations of soil erosion are proposed in this

paper. The proposed theoretical analysis also supports the findings in

this study.
INTRODUCTIONM

Sediment due to soil erosion has been found to be one of the
greatest factors in causing water pollution. Because.of growing
environmental awareness, there is increasing concern with soil erosiom.
Regulations to limit the amount of soil sediment permitted in streams
are becoming more common. Therefore, increased attention to measure-
ment and control of erosion on construction sites has become essential.
The control of erosion can produce significant construction costs.
Increase in the accuracy of prediction of soil erosion can help to
reduce excessive overdesign and accordingly, reduce the costs for ero~

sion control.

Erosion of highway slopes 1is most severe during and immediately
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after construction. It is possible to use the Universal Soil Loss
Equation (USLE) to predict soil erosion on highway slopes during and

after construction.
The USLE by Wischmeier and Smith (1978) is written-as follows:

A=RRLSCP L (1)
where - A
A = the computed soil loss per unit area (tons per
" acre)
R = the rainfall and runoff factor (hundreds of
foot-tonf ' inch per acre hour)
K = the soil erodibility factor (ton‘acre ‘hour
per hundreds of acre ‘foot “tonf ‘inch)
L= tﬁe slope length factor
S = the slope steepness factor
C = the cover and management factor

P = the support practice factor

However, the USLE, which is widely applied for prediction of soil
erosion, has been developed, mainly, for agricultural uses and as
reported by Wischmeier and Smith (1978), the slope steepness varied

from 37 to 187%, which is less than usual highway slope steepnesses.
The S factor proposed by Wischmeier and Smith (1978) is:

S = 65.41 sin’6 + 4.56 sind + 0.065 (2)

where 6 = the slope angle (degree).
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The S factor used by Foster (1982) for interrill erosion analysis

is given by:

s = 2.96 (sin®)?*7? + 0.56 (3)

Stein et al. (1983) proposed the S factor for two mine surface
soils in Indiana. For the sites of the Ayshire mine of the Amax Coal
Co., which is approximately 15 miles northeast of Evansville, the S

value 1is:

S = 12,784 sin® - 0.146 (&)

For the sites of the Solar Sources, Inc., which is approximately

6.2 miles east of Petersburg, the S value is:

S = 10.742 sin® + 0.037 (5)

McCool and George (1983) proposed an equation for dry~formed crop-

lands in the Pacific Northwest as given by:

S = (sind/sin 5.14°)0%7 | (6)

After studying the S factors proposed by several researchers,

McCool et al. (1987) recommended that the S factor be:

10.8 siné + 0.03 6 < 5.14° (7)

w2
n

w
1]

16.8 sin® - 0.50 8 > 5.14° (8)
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The curves of the S factor vs. slope angle (0) for Equation (2) to

(8) are plotted and shown in Figure 1.

All of the data sets used to develop the equations consist of a
range of slope steepness from 0.1 to 18%. Application of the equationms
" to slopes greater than 187 is an extrapolation beyond the observed

data o

In Figure 1, it is obvious that the differences among these curves
are very large. The six curves intersect at 8§ = 5.14° (9% slope),
where S = 1. But for other angles, especially the angles greater than

10 degrees (17.6% slope), the differences are significantly large.

Iherefore; it is necessary to run erosion tests in the field to
establish the S factor for slopes steeper than 18%. To achieve this
goal, a programmable rainfall simulator was modified and successfully
operated on highway slopes with steepnesses from 9% to 50% at Putnam-

ville and Evansville, Indiana in 1985 and 1986 (Fan and Lovell, 1987).

In this paper, results of the tests which are related to the S

factor are shown and discussed in detail.
RESULTS OF THE FIELD EROSION TESTS

As reported by Fan and Lovell (1988), there were three test plots
at Putnamville and twelve test plots at Evansville. These test plots
were on newly constructed highway slopes, without any cover, management

or support practice.
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The three test plots at Putnamville had 507 slopes. Each plot was

10 feet wide and 35 feet long along the slope.

There were four test sites at Evansville, and each site had three
test plots. The slope steepnesses at sites No. 1, 2,-3 and 4 were 50%,
33.3%, 16.7% and 9.17%, respectively. The test plots of site No. 3 were
* 10 feet wide by 15 feet long along the slope, while the other test

plots were 10 feet wide by 35 feet long along the highway slopes.

For each erosion test in the field, the sequence of rainfall simu-
lation consisted of a one hour "dry run", a 30 minute "wet run",'a 30
minute "very wet run", and a 40 minute "extra inflow run". The tar-
geted intensity for each run was 2.5 inches/hour. The dry and wet runs
were separated by a one hour wait, and the wet, very wet and extra
inflow runs by a 15 minute data collection period. The extra inflow
Tun was to'study rill erosion by adding three successively higher rates
of clear water to the top of the plot. After an initial ten-minute
simulated rain (2.5 inches/hour), each inflow rate was successively

applied for ten minutes.

Soil properties of the test sites, and data and results from the

erosion tests are shown in Tables 1l and 2.

The soil properties of the four sites at Evansville were reason-
ably constant. These soil properties consisted of: specific gravity,
Atterberg limits, grain size distribution, organic content and field
unit weight. The soil properties of the site at Putnamville were

rather different from those at Evansville.
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For the test sites at Evansville, the slope steepness factor was

established for slopes from 9% to 50%, as shown in Figure 2.

It is found that the S factor appears to reach a maximum value of

""1.5°at an intermediate value of slope steepness of 207 (11.2 degrees).

The S factor of the site with a slope steepness of 49.7% (26.4
) degrees) at Putnamville is estimated to be 1.50 to 1.75, which is much

less than that proposed by previous researchers, but relatively close

to the S value as shown in Figure 2.

" The main purpose of extra inflow runs is to simulaﬁe the runoff
from upper slopes to the test plots, from which the relationships
_»between.discharge rate and erosion rat; may be obtained. From the ero-
sion test results, the relationships between erosion rate and discharge

rate for the sites at Evansville are shown in Figure 3.

After adjustment based on a rainfall intensity of 2.50
inches/hour, interrill erosion rates for sites No. 1 (50% slope), No. 2
(33.3% slope), No. 3 (16.7% slope) and No. 4 (9.1% slope) at Evansville
were 0.201, 0.218, 0.235 and 0.361 1b/ft2°hr respectively. This means

that interrill erosion rate decreases with slope steepuness.
DISCUSSION

- For convenience, Figure 1 and Figure 2 are combined as shown in
Figure 4, In Figure 4, for slope steepness less than 187 (10.2
degrees) the S factor is between that defined by McCool and George

(1983) and that used by Foster (1982), and is very similar to the S
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factor by McCool et al. (1986). The S factor proposed hy McCool et al.
(1986) for application of the USLFE in the Pacific Northwest wheat and

range region is:

S = (s1n8/0.0896)°"° (9)
where 6 = slope angle (degree). This equation was derived from meas-
ured cross sections of rills on slopes ranging from 3 to 53%. But for
steepness greater than 18%, the S factor reaches a maximum value of 1.5
at a slope steepness of 207 (11.2 degrees) and then decreases. This
means that erosion due to interrill and rill erosion does not continue
to increase with slope steepness. This is very different from the
extrapolations of the S factor by a number of previous researchers, but
similar to the results by Renner (1936), Horton (1945) and Foster and

Martin (1969).

Renner (1936) analyzed the erosion due to rainfall and runoff on
the Boise river watershed. He found that on the average, erosion
increased with gradient only up to 35% slopes, after which erosion

decreased with gradient.

Horton (1945) theoretically analyzed erosional development of
streams and their drainage basins. He found that the relationship
between erosion and slope gradient was similar to that proposed by
Renner (1936). The total eroding force on a slope developed by Horton
(1945) is:

W q_ nx

_ _l.,7s
Fy =13 (o35

0.6 sina

(10)
tanao'
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where
F, = the total eroding force (lbf/ftz)
W, = weight per cubic foot of water in runoff,
including solids in suspension (1b/ft3)
q_. = the runoff intensity (in./hr)
n = Manning”s roughness coefficient
x = distance from the top of the slope (ft)

a = slope angle (degree)

This equation shows that there is a unique slope angle (about 40

degrees) at which the maximum total eroding force will occur.

Foster and Martin (1969) used a rainfall simulator to study the
erosion of soils with different unit weights on different slopes in a
laboratory. They concluded that for a given unit weigﬁt of soil, there
is a unique slope from which the maximum amount of erosion will occur;
and for a given slope, there is a unique unit weight from which the

maximum amount of erosion will occur.

The following reasons are also advanced to explain the differences
between the measured S factor in Figure 2 and the S factor by previous

researchers.

[1] Under the conditions of this study, interrill erosion dominates

the total erosion.

[2] 1Interrill erosion decreases with slope steepness.
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[3] During dry runs, hydraulic tractive force is considered to be

important to transport the loose particles on soil surfaces.

The results plotted in Figure 3 may be considered to be supporting
" evidences for the fact that inte;rill erosion dominates the total ero-
sion. Figure 3 shows that when the discharge is less than a certain
value, the erosion rate increases very little, or does mnot increase at
all with the discharge rate. Discharge rate is directly related to the
" length Qf slope. The discharge rate of runoff for a broad sheet flow

can be determined as (Foster et al. 1977):

q = ox (1)
where’
q = discharge rate per unit width
(volume/unit width/time) ‘
g = excess rainfall rate (rainfall rate
minus infiltration rate)(depth/unit time)
X = distance downslope

This means that the slope lengths of the tested plots of this
study are too short to allow rill erosiom to occur markedly. 1In fact,
during the field erosion tests at Evansville, no apparent rill develop-

ment was found in dry, wet, very wet and extra inflow runs.

Using a rotational shear device which was originally developed by
Moore and Masch (1962), Fan (1987) measured critical hydraulic shear

stresses of soils, and their relationships with erosion rates. A
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typical test result is shown in Figure 5. A critical sheaf stress
exists in Figure 5. For shear stress below this value, erosion rate
increases very little, while for shear stress beyond this value, ero-
sion rate increases markedly. The results are similar to those of pre-
- vious -studies by Espey (1963), Arunanlandan et al. (1975, 1980 and

1983), Chapuis (1986) and van Wijk and Lovell (1987).

Hydraulic shear stress acting on the surface of the soil sample

increases with rotational speed, or flow velocity.

For a broad sheet flow, using Manning”s formula and Equation (1l1),

flow velocity can be determined as:

| 1.27(0]:)0.4(3&)0.3
V= 0.6 (12)
n o o
where
V = flow velocity (length/unit time, ft/sec)

0,x = same as those in Equation (11)

wn
]

the slope of energy line

Manning~”s rouéhﬁess coefficient

=]
']

From Equation (12), flow velocity is a function of excess rainfall
rate, distance down slope, the slope of the energy line and Manning”s
roughness coefficient. For a given soil under a specific condition, a
critical hydraulic shear stress, or a critical flow velocity is
expected. For flow velocity below this value, erosion rate increases
slowly, while for flow velocity bevond this value, erosion rate

increases rapidly.
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From Figures 3 and 5, slope lengths of the tested plots are too

short to provide a flow velocity greater than the critical value.

As aforementioned, after adjustment based on a rainfall intensity
of 2.5 inches/hour, interrill erosion rates for the sites No. 1 (50.37%
slope), No. 2 (33.3% slope), No. 3 (16.1% slope) and No. 4 (9.4% slope)
- at Evansville were 0.201, 0.218, 0.235 and 0.361 lb/ft?°hr respec—
tively. This evidence that interrill erosion rates decrease with slope

steepness.

As Poeéen (1986) pointed out, the following mechanisms may explain

this:

- Steeper slopes have smaller amount of raindrop impact, since rain

falls vertically.

- The normal component of raindrop impact decreases with increasing

slope steepness (cosine effect).

- Low slopes have more opportunity for the occurrence of thin water
layer covering the soil surface, through which the compactive
force of the impacting raindrop is increased (Mutchler and Fansen

(1970), and Poesen (1983)).

Before dry runs, the soil surfaces were naturally dry and had some
quantity of loose particles on them. During dry runs on low slopes
(such as 9.47%) the flow may not be able to transport all of the loose

particles and those detached by the raindrop impact. This is true even
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though the interrill detachment magnitudes will be greater. Therefore,
slopes with steepness of 16.17 and 33.3% may have more erosion. How-
ever, steep slopes such as 50.3% have the least erosion, since although
their hydraulic tractive forces are high enough to transport the loose
particles, their interrill detachments are smaller. fhewexpeéiﬁental
data shown as Item 2 on Table 2 for the sites at Evanévilie supﬁort
this explanation. These data show that the erosion rate in;reésés and
reaches a maximum value and then decreases. After th; loose particles
on dry soil surfaces were nearly totally eroded in dr? runs‘and wet
runs, the erosion rates in very wet runs are expected to be less for
steeper slopes. The measured data for Item 4 on Table 2 support this
explanation. Aside from the loose particles on soil surfaces, dry runs
may have much higher erosion rates’théﬁ wet and vefy wet ruﬁs due to

slaking of soils at lower water contents.

For the slope steepness of 50%, the S factor at Evansville is
about 0.88, but the S factor at Putnamville is about 1.50 to 1.75. The
difference may be attributed to be soil properties. That is to say,

the S factor changes with soil properties.

In Figure 3, it is also found that for different discharge rates
or slope lengths, the ratio of an erosion rate of a certain slope to
that of an other slope is also different. That is to say, the S factor

changes with slope length or discharge rate.

In Table 2, for the dry runs at the Evansville sites (see Item 2),

it is found that erosion rate increases with slope steepness only up to
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a certain steepness, beyond which erosion rate decreases with greater
slope steepness. However, for the very wet runs at the same sites,
from Item 4, it is found that erosion rate decreases with slope steep~—

ness. That is to say, the S factor changes with elapsed time.

- From the above findings, the S factor changes with soil proper-
ties, slope length and elapsed time, and accordingly is not a factor
independent of others. However, the S factor was assumed to be an

independent factor by previous researchers.
THEORETICAL ANALYSIS

For a bare slope without any support practice, Foster (1982) used

‘the following equations to determine detachment rate:

dqs

a;—=D=Dr+Di - (13)
b

Dr = a(t-rcr) (14)

D, = 0.0138 Ki'iz [2.96(siner)o'79 + 0.56] (15)

where
q_ = sediment load (kg/m'h
x = distance along the slope (m)
D = detachment (or deposition) rate (kg/mz'h)

D_ = rill erosion rate (kg/mz'h)

r
D, = interrill erosion rate (kg/m2°h)
a and b = constants

T = average shear stress of the flow channel
in a rill for a given location (N/mz)

Tcr = critical shear stress of the soil to
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rill erosion (N/mz)

K, = soil erodibility factor for detachment
by raindrop impact (kg’h/N'm3)

i = rainfall intensity (mm/h)

6 _ = slope angle to rill (degree)

Chow (1959) used the following equation to determine t:

T =w RS, (16)
where
w = unit weight of water
R = the hydraulic radius
Se =_Fhe slope of energy line

(can be approximated by the slope steepness)

For a broad sheet flow, using Equation (l11) and Manning”s formula,

R can be determined as follows:

(ox w0

1.27 SO"3
e

R (17)

where
dg,X,n,S_ = same as those in Equations (11) and (12)

e
R = hydraulic radius (ft)

Substituting the R of Equation (17) into Equation (16), T becomes:

T = 0.787 w (oxn)0°6'82'7

(18)
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From Equation (18), shear stress (1) increases with slope length

(x) and slope steepness (Se).

Critical shear stress of the soil to rill erosion (Tcr) in Equa-
tion (14) is directly dependent on soil properties. Tor has been con-
sidered to be negligible by many previous researchers, such as Foster
et al. (1977), Hussein and Laflen (1982), etc. This may be true for
most agricultural soils. But for compacted and cohesive soils on high-

way slopes or construction sites, Ter is no longer negligible.

According to Equation (14), if Ter is not a zero value, when 7t is
less than Tct, rill erosion rate does not increase with shear stress.
However, when T is greater than Tcr’ rill erosion rate increases with
shear stress.. This matches the test results in Figures 3 and 5. If
two slopes are under the same shear stress (t1) with the same unit
weight of water (w), excess rainfall rate (¢), slope length (x) and
slope steepness (Se) in Equation (18), but with different soil proper-
ties, or different critical shear stress (tcr), the two slopes will
have two different rill erosion rates according to Equation (14). That
is to say, the S factor changes with soil properties. This explains
not only the difference of the S factors at the sites of Evansville and
that of Putnamville, but also the significant differences among the S

factor curves proposed by previous researchers as shown in Figure 1.

Also from Equation (14), for a higher critical shear stress, the S
factor is estimated to be less, and for a lower critical shear stress,

the S factor is estimated to be greater. This matches the experimental
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results in this study and the S factor curves in Figure 4.

Assume there are two slopes, say slopes A and B. The two slopes
have same soil properties or critical shear stress (Tcr) and slope
length (L), but different slope steepnesses, say 9% and 207%Z. Under an
erosive condition, the ratio of the erosion rate of slope B (20%) to
that-of'slope A (9%2) is the S factor of the 20% slope steepness. (The
S factor at a slope steepness of 9% has been chosén as unity by
researchers for years). Now, if the lengths of both the two slopes
increase from L to Ll, the S factor of slope B may change. This is
true because under such a condition, shear stress which is originally
lower than the critical stress may increase to a value greater than the
critical shear stress, while thg shear stress of slope A (97) is still
lower tﬁan the critical shear stress. Therefore, the $ factor changes
with slope length or discharge rate. This matches the test results as

shown in Figure 3.

During rainfall, the critical shear stress changes with elapsed
time. Similarly, using the same theory, the S factor changes with
elapsed time. This matches the test results as shown on Items 2 to &

of Table 2.

After analyzing a large set of data, Yang (1972, 1973, 1976), Yang
and Molinas (1982), and Yang and Stall (1976) concluded that unit
stream power is the dominant factqr in determining the total sediment
concentration of streams with alluvial and gravel beds. Yang (1973)

and Yang and Song (1979) defined unit stream power (Pus) as the time
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rate of potential energy dissipation per unit weight of water:

_dY _dxdY _ oo

Pus 3t ~ dt dx e

Y = the elevation above datum

X = the longitudinal distance

t = time

V = flow velocity

S = the energy gradient and can be approximated

by the slope of the soil surface

(19)

Moore and Burch (1986) demonstrated that the unit stream power for

sheet flow, P , is:
us

103
S
0.4 "e
Pus =% =1 5%
n
where
q = discharge rate per unit width
Se = the slope of the soil surface
n = Manning”s roughness coefficient

Substituting Equation (11) into Equation (20), Pus

where

g,x = same as those in Equation 11)
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From Equation (21), unit stream power (Pus) increases with slope

length (x) and slope steepness (Se).

If the shear stress (t) and critical shear stress (rcr) in Equa-
tion (14) are replaced by unit stream power (Pus) and critical unit

stream power (Pcr)’ Equation (14) becomes:

b S
Dr = a(PuS—Pcr) o (22)
where

Dr’ a and b = same as those in Equation (14)

Using Equations (19) to (22), similar results as the aforemen-
tioned can be obtained, viz., the S factor changes with soil proper-

ties, élope length and elapsed time.
PROBLEMS AND SUGGESTIONS

From Items 2 to 4 in Table 2, while critical shear stresses
decrease with elapsed time, soil erosion rates decrease. This is in
disagreement with Equation (l4), which shows that lower critical shear
stresses yield higher erosion rates. Therefore, erosion rate is
related not only to critical shear stress, but also other factors.
These factors may include the amount of loose particles on soil sur-
faces or the slaking of surface soils. Slaking is more significant

when the soil is very dry.

Another problem is how to. determine the critical shear stress of

the soil. It could be evaluated by direct shear, unconfined compres=
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sion, triaxial test, rotational shear device test, vane shear test,
etc. Further, the critical shear stress decreases with the degree of
saturation of the soil; and under what soil condition should it be
determined? Foster (1982) demonstrated that critical shear (Tcr) is, -
in effect, "fictitious" and is a function of factors other than soil
properties. It depends on the number of rills, distribution of the
discharge rate among the rills, variation of shear stress both in time
and space in the rills and other nonuniform factors. However, the
determination of the number, locations and sizes of rills is a diffi-

cult problem.

In Equation (15), interrill erosion rate (Di) is determined by the
soil erodibility factor for detachment by raindrop impact (Ki)’ the
rainfall intensity (i), and the slope angle of the rilli(el), However,
it is not clear how Di is related to slope steepness. Poesen (1986)

and Fan (1988) proposed that the interrill erosion rate decreases with

slope steepness. Research on this topic is needed in the near future.

Though there are many problems in using the S factor to predict
soil erosion, it is suggested that engineers can still select the
proper S factor using experience and judgment. For example, when soils
are compacted and cohesive, the S factor should be much less than when
these soils are tilled and loose. For compacted and cohesive soils on
highway slopes in Indiana, it is recommended that the upper bound of

the S factor be 2.
CONCLUSIONS

I.. From field erosion tests on highway slopes at Evansville, Indi-

195



Fan and Lovell 21

II.

III.

Iv.

ana, the S factor is extended from 187 to 50% as shown in Figure
2. The measured S factor reflects the development of rills, and
the impact of raindrops, and appears to reach a maximum value of
1.5 at an intermediate value of slope steepness of 207 (l11.2
degrees). This means that erosion due to interrill and rill ero-
sion does not continue to increase with slope steepness. This is
very different from the S factor values proposed by previous

researchers, but similar to the results proposed by Renner

- (1936), Horton (1945)'and Foster and Martin (1969).

The S factor of the site with a slope steepness of 49.7% (26.4
degrees) at Putnamville is estimated to be 1.50 to 1.75 which is
much less than the extrapolated S values proposed, by previous

researchers, but close to the S factor as shown in Figure 2.

:

The S factor changes with soil properties, slope length and
elapsed time. Accordingly, the S factor is not a factor indepen-

dent of the others.

It is proposed that the interill erosion rate decreases qualita-

tively with slope steepness.

For the erosion tests at Evansville, a critical discharge rate or
a critical slope length seems to exist for a given slope steep-

ness. When discharge rate is less than this critical value, ero-
sion rate increases very little or does not increase at all with

discharge rate, when beyond this critical value, erosion rate
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VI.

VIIiI.

IX.

increases markedly with discharge rate. Test results of the

rotational shear device by Fan (1987) also support this.

Theoretical analyses are developed to estimate the S factor. The

- .results match the above-mentioned findings from the field erosion

tests.

Both field test results and theoretical analyses show that for
soils with higher critical shear stresses, the S factor will be

less than those with lower critical shear stresses.

It is proposed that engineers can use the Universal Soil Loss
Equation to predict soil erosion on highway slopes, with particu-

iar attention to selection of the S factor.

It is recommended that the upper bound of the S factor be 2 for

compacted and cohesive soils on highway slopes in Indiana.
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Table 2 Data and Results from Erosion Tests

Evansville Putnamville
Item Items - T
No. N Site 1 Site 2 Site 3 Site &

1 Field Demnsity (PCF) 109.0 110.5 108.3 109.9 106.8

2 Dry Run (a) Erosion (1b) 185.41 197.24 83.67 190.70 454.81
(60 minutes) (b) Discharge (1b)|(3538.7) (3297.2) (1483.8) (3548.3) (3406.3)

3 Wet Run- (a) Erosion (1lb) 43,54 80.34 27.73 58.66 105.45
(30 minutes) (b) Discharge (1b)[(1781.8) (1782.9) (777.4) (1203.2) (1801.9)

4 |Very Wet Run | (a) Erosion (1lb) 44.13 49.62 20.94 51.14 - 97.16
(30 minutes) (b) Discharge (1b){(1849.5) (1792.1) (756.3) (1802.8) (1877.7)

5 ist- | (a) Erosion (1b) 10.48 9.14 5.29 16.25 33.69

10 min.| (b) Discharge (1b)| (619.9) (501.9) (237.9) (608.7) (571.0)

6 2nd (a) Erosion (1b) 27.07 34.14 20.65 38.63 77.65
Extra | 10 min.| (b) Discharge (1b) |(1494.1) (1660.4) (994.1) (1576.1) (1564.9)
Inflow

7 {Run 3rd (a). Erosion (1b) - 50.45 79.93 34.40 63.93 113.82

10 min. | (b) Discharge (1b) {(2126.2) (2272.9) (1220.6) (2241.7) (2494.5)
8 4th (a) Erosion (1b) 124.78 155.65 46.52 109.37 82.44
10 min. | (b) Discharge (1b) |(3764.8) (3403.2) (1595.8) (3913.3) [(3951.1)
9 Rainfall Intensity, I 2,500 2.175 2.389 2.203 2.720
(in/hr) . -
10 Factor of Rainfall & Runoff 50.00 37.85 45.66 38.83 59.19
for One Hour Rain, R
11 Length of Slope on 31.273 33.203 14,809 34,843 31.338
Horizontal Base, lh (ft)
12 Factor of Slope Length, L 0.6563 0.6763 0.4516 0.6928 0.63570
13 Slope Steepness, s (%) 50.3 33.3 16.1 9.4 49.7
14 Area of Test Plot on 312.73 332.03 148.09 348,43 313.38
Horizontal Base, A (sq. ft.)

15 Factor of Cover & Management, C 1.0 1.0 1.0 1.0 1.0

16 Factor of Support Practice, P 1.0 1.0 1.0 1.0 1.0

17 Previous Approx. of S. Factor 0.853 1.187 1.354 1.0

(Assume § = 1.0, when slope
steepness = 9.4197)
‘ 18 i Factor of Slope Steepness, S 0.880 1.222 1.395 103

202




THE S FACTOR

19 1
18 |
17 +
16 |
15 |
14 |
13 |
12 t
11}

10 ¢

LEGENDS:

WISCHMEIER & SMITH (1978)
McCOOL & GEORGE (1983)
FOSTER (1982)

STEIN (AYRSHIRE) (1983)

STEIN (SOLAR SOURCES) (1983)
McCOOL et al. (1987)

[ [m[S] [Ql[=][>]

o]

e

\

[]

O @ M E

10 15 20 25

E‘/

SLOPE ANGLE, 0 (DEGREE)

Figure 1. The S factor vs. slope angle

203

30



THE' S FACTOR

207
1.8}
1.6
1.4
1.2 ¢
1.0}

0.8}

0.6

0.4

0.2

0.0

T

o

L0

0 2 4 6 8 10 12 14 16 18 20 22 24 26 28

SLOPE ANGLE (DEGREE)

Figure 2. The S factor vs. slope angie

204



EROSION RATE (Ib/ft2*hr)

30
2.8 |
26 ¢
24}
22 ¢
20 r
1.8

1.6 r

1.4

1.2

1.0
08

0.6

0.4

0.2

0.0

LEGENDS:

Site 1, 2:1 slopes, 1=2.500 in/hr
Site 2, 3:1 slopes, 1=2.175 in/hr
Site 3, 6:1 slopes, 1=2.389 in/hr
Site 4, 11:1 slopes, 1=2.203 in/hr

o | » +

0.0 0.05 0.10 0.15 0.20 0.25 0.30 0.35 0.40 0.45 0.50 0.55 0.60 0.65
DISCHARGE RATE (Ib/ft*sec)
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RELIABILITY ANALYSIS WITH PCSTABLSM

J.R. Verduin

Hart Crowser Seattle, WA 98199
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Purdue University Lafayette, IN 47987

ABSTRACT

This paper presents a method which enables an engineer to
perform reliability analysis with the deterministic slope sta-
bility computer program PCSTABLS5M. The assumptions made of the
reader include an understanding of the following: 1) PCSTABLSM
(1;6;7); 2) basic statistics, 1i.e., how to find the expected
value, standard deviation, and correlation coefficient from a
set of data; 3) probabilistics; and 4) a general knowledge of
reliability analysis. The paper addresses the specific case of
a dry slope with no 1loading conditions, treating the two
strength parameters as random variables and the safety factor as
the dependent wvariable. The expected safety factor and 1its
distribution is determined as a function of the uncertainty of
the strength parameters. An example slope condition is given to
illustrate the procedure.

POINT ESTIMATE METHOD

The point estimate method (PEM) developed by Rosenblueth
(4;2) is a simple yet powerful procedure of reliability analy-
sis. It does not require attainment and evaluation of deriva-
tives as does the Taylor series method nor does it requirze
thousands of simulations as does the Monte Carxrlo method. These
two restrictions make the Taylor series and Monte Carlo methods
inefficient, sometimes impossible, as reliability analysis tools
when dealing with chart solutions or complicated computer
solutions.

The PEM is based on an analogy established between a proba-
bility distribution and a distributed vertical load on a hori-
zontal rigid beam. Rosenblueth suggested a two-point reaction
supporting the distribution; p- acts at the location x=x- and p.
acts at the location x=x+ (see Fig. 1lA). Rosenblueth termed p-
and p~ as the two point estimates of the distribution of £(x).

16 4 $y(v)

A B)
SRR Y = y(x)
. 1 Xs /\ X
3 ] SR
Y . LA N

Fieurs 1 (Arrer 3)
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Using "force" and "moment" equllibrium to solve the proba-
bility distribution Rosenblueth was able to define the unknowns:

P+ = p- = 1/2 (1a)
X+ =X + 0(x) (1ib)
X- = X - 0(x) . (1e)

Derivations of these equations can be found in Harr (p.286, 3).
It needs to be stated that Eq. (1) is a simplified version that
assumes x is normally distributed. This is not a restrictive
assumption; the basic information usually known about a distri-
bution, i.e., the mean and standard deviation, suggest the use
.0f the normal distribution. S

" --_ The two-point estimates and their points of application
serve to "transfer information about the distribution of the

variate" (). The information concerning the random variate x
(Xe,x-) Is transferred through the functional relationship y(x)
producing the two values of y+. and y- (see Fig. 1b). The

weighting factors p. and p_ then scale these estimates producing
information about the distribution of the dependent random
variable:

E(y) =Y = p-Y- + DP+Y~ ' (2a)
E(y2) = p-y® + p.y% (2b)
o(y) = (E(y2)-E(y)2)-® - . _ : {2¢)

For bivariate situations, e.g., a slope environment with
both strength parameters as random variables and the safety
factor as the dependent variable, the PEM needs to be expanded.
Rosenblueth considered the situation of two variates similar to
the beam analogy but now considered the probability distribution
to be analogous to a distributed wvertical load acting over a
rigid plate supported at four points. As before, information
about the dependent variable is transferred by similar
equations.

E(Y) =¥ = Pr+Yer + D3=Ye- + Po+¥y-+ + D—-yY--  (3a)

E(Y?) = DeerYie + DeeySe + DowYS+ + p--yZ- (3b)
oc(y) = (E(yz)-BE(y)z)-® (3¢c)
where, Yzx = Y(Xat0(Xa), X210(Xz2)) (3d)
P+r+s = D=~ = 8.25(142) (3e)
P+r- = P=+ = G.ZS(].‘/) (3£)

The ,ﬁ value 1is called the correlation coefficient. The
correlation coefficient 1is an 1indication of how well two vari-
ables vary together. The correlation coefficient ranges from -1
(one variable tends to 1increase as the other decreases) to +1
(both variables tend to increase or decrease together) to @ (no
correlation exists between variables). Ideally, geotechnical
engineers want the two strength parameters to be negatively
correlated; in a section of the slope where the strength inter-

cept is 1lower than expected, the strength angle tends to be
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higher than expected. As will be discussed later the,ﬂ between
the strength angle and strength intercept depends on the test
type ,i.e., consolidated undrained triaxial test, ect., which in
turn simulates the field 1loading conditions (long term, short
term).

Rosenblueth and others have extended the PEM method to
include multivariates (2;3).

- PEM WITH PCSTABLSM

In a typical slope environment there are numerous uncer-
tainties 1including strength parameters, unit weights, pore
pressures, surface 1loads, and earthqguake loads;_ When multiple
soll layers are present within the slope the number of uncer-
tainties increases dramatically even more.

This paper addresses the case of only two variables. An
extension of this method to include more variables is straight
- forward. A dry slope with no surface loads and one soll-layer
will be considered. The two strength parameters, strength angle

(¢#) and strength intercept (c), will be treated as the random
variables.

The first step of the method is to gather information about
the two strength parameters. This is usually done by obtaining
samples from boreholes in the natural slope or samples of the

borrow pit material. Standard laboratory tests, e.g. triaxial
tests, are run on these samples to obtain strength parameter
data. Using statistical methods the mean and spread of the

strength parameters as well as the correlation between them can
be obtained.

In some situations data is limited such that it complicates
accurate determination of the random variables spread. Harr (3)
recommends that 1if no additional information 1is available the
coefficient of variation of the strength angle can be assumed to
be around 18% while that of the strength intercept can be

assumed to be around 40%. (Recall that the coefficient of vari-
ation is defined as the ratio of the standard deviation to the
mean of the random variable.) Harr based these percentages on
data he obtained from literature searches. (Harr also presents

data on the coefficient of variation of unit weight, dead and
live loads, and earthquake loads.)

Harr in addition gives guidelines for selection when data
is limited. He states / being positive for CU tests (=+8.25

found by one source), negative for CD tests, and inconclusive
for UU tests.

After the data is analyzed and the mean and distribution of
both parameters is defined, the c. and ¢. values and their
weighting factors are calculated using Eqgs. 34, 3e, and 3f:
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Cx =T + o(c)
$ = B + O(9®)
Prr = D-= = 0.25(1+ Jou)
p--r = p-v--— = gu25(l-/=o)

The dependent variable for this situation 1is the safety
factor; SF=f(ca.,®.). To obtain the four SF estimates PCSTABLSM
is run four times with the different combinations of ¢ and ¢.
Applying the weighting factors p to the estimates will produce
the expected SF and its spread (Egs. 3a, 3b, and 3c).

Now the wuser has in their possession not a single deter-

ministic number describing the adequacy of .the proposed slope

. design, but instead a distribution giving more information about

.the .expected safety factor and its chances of varying. The

distribution of the safety factor gives the designer a better
grasp of their design's adequacy. ‘

The probability of the safety factor being lower than a
specific value (risk assessment) is now also possible. Since
only the mean and standard deviation of the SF distribution is
known it can be assumed as normal. (The safety factor would not
be a normal distribution since the safety factor cannot be less
than 8, but the normal distribution is a good estimate.)
Knowing the distribution is normal, probabilities can easily be
found in normal distribution charts. .

EXAMPLE

The described procedure is best understood with a simple
example. An embankment 1is to be constructed on a stable foun-
dation; a toe failure through the embankment will be considered.
The material for the embankment will be obtained from a borrow
pit. Numerous samples were gathered from the pit area and pre-
pared to the design compaction. These samples were then tested
to find their long term strength parameters (CU test). The lab-
oratory values obtained include:

T=2009psf; o(c)=88; $=250; o(®)=2.5; vV=1408pcE.
The embankment is 48 feet high with slopes of 2H:1V. The

water table is below the foundation and no significant surface
loads are anticipated.

Using the mean values and slope geometry a deterministic SF
of 1.418 was obtained.

To begin the probabilistic 1nvest1gatlon the input strength
parameter estimates are calculated.

cC+=200+80=2808pst

c-=1208psf
¢¢=27 ° 50
®-=22.590
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. The correlation coefficient between ¢ and ¢ was determined
from the laboratory tests to be +8.25. From this the scaling
factors arxe calculated using Eqgs. 3e and 3f:

9.25(1+.25)=0.3125
8.1875

Prs = P--
P+- = D-=

PCSTABLS5M is now run four times with the different combi-
nations of strength parameters. The safety factors obtained:

 SF++ = 1.685

SF+- = 1.454
.. 8F-+ = 1.373
- SF-~ = 1.1448

From these the mean and standard deviation of the SF can be
calculated using Egs. 3a, 3b, and 3c¢c:

E(SF)=8.3125(1.685)+8.1875(1.454)+3.1875(1. 373)
+4.3125(1.1408) = 1.413

E(SF2)=0.3125(1.685)2+0.1875(1. 454)=+G.1875(l.3‘73)z
+0.3125(1.1408)2 = 2.843

oc(SF) = (2.043-(1.413)2)-° = §.216

The expected safety factor and its standard deviation is
now known. - Assuming a normal distribution the designer can
.figure the probability of the safety factor being lower than 1.3
(typical design criteria).

P(SF<1.3) = 30%

Another use available to the engineer working with reli-
ability analysis 1is risk design. 1In this example the engineer
wants to reduce the risk (P(SF<1.3)) to =15%. For a risk of 15%
the embankment slope would need to be 2.2H:1V. The correspond-
ing deterministic safety factor is 1.537.

By reducing the slope £from 2H:1V to 2.2H:1V the designer
has reduced the zisk by 50%. Using the traditional determin-
istic SF the designer would have no idea how much safer the
design is by increasing the SF from 1.419 to 1.537.

CONCLUDING REMARKS

The PEM applied to PCSTABLSM presents the engineer with the
ability to design using reliability analysis. It can present
additional information to the engineer about the deterministic
value obtained. It allows the engineer to have a better feel of
their results. Reliability analysis also is a tool which can be
used to quantify the increase in safety (or reduction in risk)
between different designs.
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The potential for the PEM as a reliability analysis tool in
geotechnical engineering has been 1illustrated. The.PEM can be

applied to computer solutions, chart solutions, oxr simple
equation solutions.
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ABSTRACT:

A study of a one-mile section of the Ohio Turnpike located in the
Lower Cuyahoga River Valley was conducted by R & R International to
determine the factors contributing to its chronic gradual and progressive
slope failures. Pprtions of the highway were constructed on approximately
100 feet of fill consisting primarily of glacial till with two (2)
interstratified layers of sand and sandstone spoil.

The research tasks involved in our study consisted of a review of
highway construction records, previous subsoil and groundwater data, and
a literature search of pertinent local and regional geological studies.
Field tasks included geomorphoiogical mapping, subsurface investigation
and installation of dual elevation piezometers. Continual synthesis of
the data obtained from these tasks enabled us to focus the investigation
6n the underlying source of the slope instability problems and to recommend
effective measures to correct them.

It was determined that the primary cause of the slope failures was
excessive groundwater entering the fill system at an upgradient ridge cut
for the highway. The groundwater traveled downgradient through the permeable
sand and sandstone layers within the fill. This flow was Blocked down
gradient by another ridge and ultimately exited as seepage out the sides of
the fill system's slopes. The saturation of the fill weakened the slopes and
initiated the slope's instability. The continuous surcharge of the
groundwater into the weakened areas propagated the progressive slope failures
for many years to the extent that the entire fill system and roadway above

were in imminent danger of massive failure.
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ABSTRACT (Continued):

The remedial measure implemented consisted of construction of an
interceptor drain along the ridge where the ground water was entering the
fill. A program of monitoring and evaluating the effectiveness of this
remedial'action over a period of 1 1/2 years has receﬁﬁly beeh completed.
It has been documented that the interceptor drain is successfully drying
the fill slopes. _Slope'regrading, additional intercepédf dfains, toe berms
and lateral structural supports have been recommended now that the

groundwater problem has been rectified.
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INTRODUCTION

Since completion of construction in 1954, the section of the Ohio
Turnpike shown in Figure 1 has been affected by slope instability problems.
Previous engineering studies by other firms have been conducted during the
past 15 years in an attempt to stabilize the slopes. The remedial measures
implemented prior to our investigation consisted of installing and monitoring
slope indicators, installing and monitoring groundwater observation wells,
surface drainage modifications, and temporary reinforcements of critical
local failures by driving walls of guard rail posts. It seems that the
connection between excessive water on the.fill slope and the slope failures
was made at an early date. Efforts to dry the slopes, however, were focused
on surfacé drainage alterations in the apparent belief that the groundwater
seepage out of the slope;s sides was the result of surface water infiltration
at the top of the slopes. These measures were ineffectual in halting the
flow of seepage and the slope failures continued. Reinforcing walls made of
guard rail posts have also failed to cease the downhill creep of the slopes.

In 1986, R & R International was retained by URS Consultants, Inc. to
investigate the cause of the stability problem and to recommend possible
solutions. A preliminary field recommaissance concurred with the previous
studies that a strong correlétion existed between the water seepage on the
highway fill slopes and the slope failures. This paper details the
investigative process employed in determining the most probable cause of the

slope failures and the engineering solution designed to remediate them.
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SITE GEOLOGY

The project site is located within the glaciated northwest portion
of the intensely dissected Allegheny Plateau. It is characterized by a
youthful drainage system evidenced by deeply incised valleys and narrow,
steep-sided ridge lines that broaden to rolling hills to the east.

Drainage is generally to the west where it is ultimately confluent with
the northward flowing Cuyahoga River.

The soils at the project site consist of silt and/or clay loams with
strihgers of sand. The silts and clays contain numerous high-angled,

- sand-filled and mineralized fracture zones.

The sedimentary bedrock beneath this site is composed primarily of
the Olentangy and Ohio shales of the Devonian period. Approximately one (1)
mile east of the site, a coarse clastic unit of the Mississippian period is
exposed in an Ohio Turnpike road cut.

The hydrogeology of the region is very complex due to the high relief,
youthful drainage, and highly variable hydraulic conductivity of the till.
The ridges typically contain natural springs and evidence of groundwater
seepage on their slopes.

The high silt and clay content of the glacial till, coupled with the
steep-sloped terrain and complex hydrogeology, make this region highly
susceptible to natural land slumping and slope failure. When these natural
factors inducing slope instability are compounded by man-made interference
such as construction of roadways and artificial drainage, the potential for

landslides greatly increases.
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INVESTIGATIVE METHODOLOGY

The field tasks conducted for this investigation in their respective
chronological order of completion were as follows:
1. Geomorphological Mapping
Advancing test borings

Installing piezometers

=~ W

Laboratory analysis of soil samples

5. Monitoring ground water levels

The geomgrphological mapping was conducted to document all surface

expressions.of the slope instability and the factors contributing to it.
Figure 2 plots these features on a site plan. This task was completed
prior to begimming the remainder of the field tasks so that information
obtained from the mapping could be used to direct the boring plan being
developed. The following pertinent features of the slope instability
were noted:

1. Slump scarps
Evidence of downhill creep

Tension cracks

=~ W ™

Water seepages
5. Eiosion gullies
6. Drainage patterns
Evidence of ground water seepage was associated with each major area
of slope instability. Several depressions or "dishes" resulting from local
slumping support hydrophillic vegetation indicating persistent groundwater

seepage.
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INVESTIGATIVE METHODOLOGY (Continued)

Based on the geomorphological mapping it became apparent that the
excessive water seepage along the unstable portions of the fill slopes
were either causing the slope failures or were a major contributing-factor

aggravating the instability. A subsurface invégtiga;ive plan iﬁitially

~ the subsurface stratigraphy, the physical characteristics of the slope's

soils at depth and to trace the origin of the ground water seeps. Pleass

refer to Figure 2 for boring locations. fwwf L

It was decided to continuously sample the teé£ borings so that probable

thin lenses of grdund water or relatively weak strata could be detected.

Borings were extended to approximately 50 feet so that the entire strata
interval experiencing the water seepage and instability would be penetrated.
Borings B-11 through B~16 were added in a second phase boring plan designed
to verify assumptions developed during reduction and synthesis of data
obtained from the initial test borings. All soil samples were logged in
the field based on physical examination. Laboratory testing on selected
samples was used to classify those samples according to the Unified

Soil Classification System.

Piezometers were installed in the test borings to intersect and monitor
zones where groundwater was encountered during drilling. Because the test
borings consistently penetrated two (2) distinct groundwater lenses, nested
piezometers were installed to monitor the separate groundwater lenses within

the same borehole.
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INVESTIGATIVE METHODOLOGY (Continued)

Laboratory testing conducted on selected soil samples consisted of
the following: _
1. Moisture content (ASTM D-2216-80)
2. Gradation analysis (ASTM D-422-63)
3. Atterberg limits (ASTM D-4318-84)
4. Direct Shear Strength (ASTM D-3080-72)

The moisture content of each sample was determined in order to establish
trends in moisture with depth and/or location. Several gradation analyses
were conducted to verify soil classifications and aid in stratigraphic
correlations between borings. Atterberg limits were determined to document
the variance in behavior of the silts and clays with changes in their moisture
content. Direct shear tests were conduétéd on undisturbed shélby'tube samples
obtained in accordance with ASTM D-1587 to determine the soil's strength
parameters.

Monitoring of the ground water levels within the piezometers was
conducted for a period of 1 1/2 yearé from the completion date of the
drilling in October of 1986. The direction of ground water flow within the
fill was dictated by the turnpike gradient. Empirical information concefning
the relative amounts of groundwater flow within the fill slopes was the

objective of this monitoring.
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RESULTS AND DISCUSSION

The connection between the slope's ground water seepage and the slope
failures was evident from the geomorphological mapping. The source of the
groundwater, then, became the focus of our subsurface investigation. The
previous engineering studies at this site had concentrated on surface
drainage improvements based on the assumption that surface water infiltration
was the source of the seepages. Our study examined the entire hydrogeologic
regime of the site and investigated possible subsurface sources of the
excessive groundwater.

As the logs from the continuously sampled test borings were correlated,
it was established that two separate and distinct sand and sandstone layers
were deposited within the predominant silt and clay of the fill. Figure 3
is a subsurface profile shéwing these correlations. A review of turnpike
construction records revealed that the source of the sand and sandstone was
a sandstone ridge cut for the turnpike approximately one (1) mile east of
the site. The sand and sandstone was apparently spoiled into this area
simply for use as fill. According to construction records, sandstone blanket
drains were installed at nearby locations to enhance drainage below the
turnpike in areas with obvious groundwater pfoblems. No mention of such
deliberate sandstone blanket drain construction was noted in the construction
documents for this particular site.

There is no evidence of the sand and sandstone layers on the slope's

surface. They were apparently only deposited in the fill's core. The
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RESULTS AND DISCUSSION (Continued)

sand and sandstone layers were penetrated in each boring which indicates
lateral continuity. In addition, the elevation of the layers correlated
~ very well with elevations of the seepages on the fill slopes.  Soil samples

from the bottoms of the sand layers were often saturated evidencing

gfoundwater flo@. Based on this information it was concluded that the sand

and sandstone -layers within the fill were acting as a conduit for groundwater

and were hydraulically comnected with the seepages.

- The ééggﬁlishment of the sand and sandstone layer aé_érgo;d;iﬁ for the

groundwater, -however, did not explain why the water exited the slopes as

_ seepage at this particular location. Nor did it identify the source of the

~ groundwater. Without the answers to these questions, development of remedial

design plans were still not feasible. An examination of the geomorphology of

the site provided an answer to the first question and suggested a possible

solution to the second that would require further investigation to verify.
The turnpike fill was placed in a valley between two ridges striking

approximately perpendicular to the turnpike. The turnpike, and therefore the

sand and_sandstone layers within its core, slope to the west between the

two (2) ridges. The western ridge is dissected completely by the turnpike

and the depth of the fil; at the point where the highway crosses the ridge

is essentially reduced to zero. Because the glacial till composing the
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RESULTS AND DISCUSSION (Continued)

ridge has a significantly lower hydraulic conductivity, downgradient flow
of the ground water within the sand and sandstone layer of the valley fill
is blocked at this point. The ground water backs up in the sand and
sandstone layer until excessive pore pressure finds relief via the seepages
along the valley fill slopes.

The eastern ridge is not dissected by the turnpike. Instead, the
ridge's northern nose is truncated by the highway. It was deduced that
this ridge was supplying the ground water to the system. In order to
verify this deduction, borings B-14 through B-16 were advanced into the
ridge on virgin ground just south of where the ridge abuts against the
turnpike's shoulder.

The boriﬁgs pfimarily encountered silt and clay and each boring
penetrated a zone of moist to.wet; high angled, calcite mineralized
fractures. The bottom of the fracture zone was saturated. The
mineralization deposits were up to 1.0 centimeter in thickness indicating
that groundwater has passed through the fractures for many years. Further,
-the depth interval of the fracture zone corresponded in elevation to that
of the sand and sandstone layer within the £ill. This information confirmed
that the ridge was an entry pointﬂof groundwater into the highway fill.
Please refer to figure 4 for a schematic diagram of the groundwater flow

patterns at this site.
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REMEDIAL MEASURES

Remedial design plans focused primarily on the interception and
diversion of the groundwater away from the turnpike fill. It was decided
that the most suitable location to attempt such a diversion was at the
point where the ridge abutted against the turnpike's shoulder. Figure 5
is a schematic diagram of the interceptor system implemented. The
figure also shows the resulting changes in groundwater flow patterns.

The depth to which the interceptor system had to be excavated in
ordef to intersect the bottom of the water bearing zone complicated
development of the design plars. Right-of-way restraints and the need
to maintain the 2 to 1 slope, which was determined to be safe for the soils
at this site, dictated the maximum depth that the bottom of the interceptor
ditch could achieve. This depth ranged from 5 to 15 feet above the bottom
of the saturated zone. To overcome this problem the bottom of the ditch
was trenched the remaining depth to reach an elevation 1 to 2 feet below
the saturated zone. A 12 inch perforated corrugated metal pipe was placed
in the bottom of the trgnch, surrounded by aggregate and a silt blanket..
The trench was then backfilled with on-site mat